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SEISMIC BEHAVIOUR INVESTIGATION OF A CABLE-STAYED BRIDGE
WITH HYBRID PASSIVE CONTROL SYSTEM

ABSTRACT

The construction of cable-stayed bridges has been increasing worldwide owing to their
characteristics, such as appealing aesthetics, longer span length and lightweight that have
high logistic and economic value. However, cable-stayed bridges are also associated with
low structural damping and longer fundamental periods, which make them highly
vulnerable to large amplitude oscillation during seismic events. Consequently, studying
the seismic response and protection of cable-stayed bridges from seismic loading is
essential. This research studies the seismic behavior and protection of an existing steel
cable-stayed bridge located in a high-risk seismic zone in Canada. This bridge was chosen
based on the availability of detailing data and experimental results. For instance,
earthquake-induced pounding caused structural damages and also one anchorage plate in
the bridge support failed due to the Saguenay earthquake in 1988. The main objective of
this research is thus to enhance the seismic performance of the cable-stayed bridge by
means of a hybrid passive control system, which is a combination of seismic isolator and
a novel metallic damper to minimize future damage that may be induced by earthquakes.
Initially, the cable-stayed bridge is rigorously modeled in three dimensions and validated
with experimental results. Then, different seismic isolation retrofitting cases are defined
and isolation systems are designed for each case accordingly. Thereafter, the new metal
damper, called the hexagonal honeycomb steel damper, is proposed and developed
experimentally and numerically to determine its behavior and characteristics. Finally, the
proposed damper is designed and modelled for the fully isolated cable-stayed bridge. The
seismic response of each cable-stayed bridge retrofitting case is evaluated through a series

of nonlinear time-history analysis. The comparative analysis indicates that the partial
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seismic isolation of the cable-stayed bridge enhanced its seismic behavior in one direction
only. In order to enhance the seismic performance of the cable-stayed bridge in both
directions, the isolation system should be utilized at the end supports, as well as the deck-
tower connection or base of the tower. The global and local seismic responses of the fully
isolated cable-stayed bridge significantly improved, compared to the non-isolated bridge.
However, the seismic displacement of the superstructure increased in the fully isolated
bridge. The result of quasi-static cyclic test on the proposed damper showed that, the
damper exhibited low yield displacement, excellent strength and ductility, and stable
hysteretic behavior with high energy absorbing capability. Consequently, implementation
of the metallic damper in the fully isolated bridge caused a significant reduction in
superstructure displacement under earthquake loading, which also eliminated the
earthquake-induced pounding effect at the bridge ends with adjacent abutments. The
hybrid passive control system is beneficial in the protection of cable-stayed bridges in
high-risk seismic zones. The system reduces the seismic demands on the structure and
mitigates the seismic displacement of the superstructure as well as the likelihood of

earthquake-induced pounding in the bridge.

Keywords: Cable-stayed bridges; Seismic performance; Passive control; Metallic

dampers; Nonlinear dynamic analysis.
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TINGKAH LAKU SEISMIK JAMBATAN KABEL TETAP DENGAN SISTEM
HIBRID KAWALAN PASIF

ABSTRAK

Pembinaan jambatan-jambatan kabel tetap terus meningkat di seluruh dunia
disebabkan oleh ciri-ciri mereka, seperti nilai estetika yang menarik, rentang yang lebih
panjang dan ringan, di mana ia mempunyai nilai logistik dan ekonomi yang tinggi. Walau
bagaimanapun, jambatan kabel yang tetap juga dikaitkan dengan redaman struktur yang
rendah dan tempoh asasi yang lebih lama, yang menjadikan mereka sangat terdedah
kepada ayunan amplitud yang besar semasa peristiwa seismik. Di samping itu, mod
getaran yang mendominasi di kebanyakan jambatan kabel tetap adalah mod membujur,
yang boleh meningkatkan kemungkinan godaman yang disebabkan oleh gempa bumi di
jambatan. Oleh itu, kajian tentang tindak balas seismik dan perlindungan jambatan kabel
tetap daripada beban seismik adalah penting. Penyelidikan ini mengkaji tentang tingkah
laku seismik dan perlindungan jambatan kabel keluli sedia ada yang terletak di zon
seismik berisiko tinggi di Kanada. Jambatan ini dipilih berdasarkan ketersediaan data
terperinci dan hasil keputusan eksperimen. Contohnya, godaman yang disebabkan oleh
gempa bumi telah menyebabkan kerosakan struktur dan kegagalan satu plat tambatan
pada sokongan jambatan semasa gempa bumi Saguenay pada tahun 1988. Tujuan utama
penyelidikan ini adalah untuk meningkatkan prestasi seismik jambatan kabel tetap dengan
menggunakan sistem kawalan pasif hibrid, yang merupakan gabungan pengasingan
seismik dan peredam logam yang baru untuk meminimumkan kerosakan pada masa akan
datang yang mungkin disebabkan oleh gempa bumi. Pada mulanya, model jambatan kabel
tetap telah dibangunkan dengan ketepatan tinggi dalam tiga dimensi dan disahkan dengan
hasil eksperimen. Kemudian, senario pengasingan seismik yang berbeza ditentukan dan
sistem pengasingan yang berbeza telah direka untuk setiap senario yang sewajarnya.

Selepas itu, peredam logam yang baru, yang dikenali sebagai peredam keluli lebah



heksagon, telah direka dan dibangunkan secara eksperimen dan berangka untuk
menentukan kelakuan dan ciri-cirinya. Akhir sekali, peredam yang dicadangkan direka
dan dimodelkan untuk jambatan kabel tetap yang terasing sepenuhnya. Tindak balas
seismik bagi setiap kes pengubahsuaian jambatan kabel tetap ditaksir melalui satu siri
analisis sejarah-masa tidak linear. Analisis perbandingan menunjukkan bahawa
pengasingan seismik separa bagi jambatan kabel tetap meningkatkan prestasi kelakuan
seismik dalam satu arah sahaja. Untuk meningkatkan prestasi seismik jambatan kabel
tetap di kedua-dua arah, sistem pengasingan harus digunakan pada sokongan akhir, serta
pada sambungan menara dek atau pada tapak bagi menara. Tindak balas seismik global
dan tempatan bagi jambatan kabel tetap yang terasing sepenuhnya meningkat dengan
ketara berbanding jambatan yang tidak terasing. Walau bagaimanapun, anjakan seismik
superstruktur meningkat bagi jambatan yang terasing sepenuhnya. Keputusan ujian
kitaran kuasi-statik bagi peredam mempamerkan anjakan hasil yang rendah, kekuatan dan
kemuluran yang sangat baik, dan tingkah laku histerisis yang stabil dengan keupayaan
menyerap tenaga yang tinggi. Hasilnya, pelaksanaan peredam logam sepenuhnya di
jambatan terpencil telah menyebabkan pengurangan ketara dalam anjakan superstruktur
di bawah beban gempa bumi, yang juga menghapuskan kesan godaman akibat-gempa di
hujung jambatan dengan tembok landas bersebelahan. Sistem kawalan pasif hibrid adalah
berguna dalam melindungi jambatan kabel tetap yang berada di zon seismik berisiko
tinggi. Sistem ini mengurangkan keperluan seismik ke atas struktur dan mengurangkan
anjakan seismik bagi superstruktur serta kemungkinan godaman yang disebabkan oleh

gempa bumi di jambatan.

Kata kunci: Jambatan kabel tetap; Prestasi seismik; Kawalan pasif; Peredam logam;

Analisis dinamik tidak linear.

vi



ACKNOWLEDGEMENTS

First and foremost, I am thankful to God for blessing me with an opportunity and able
me to undertake this research work. I would express my sincere gratitude to my
supervisor, Assoc. Prof. Zainah Ibrahim, for her kind and continuous support that has
encouraged me to pursue my research curiosity. Her deep insight into the research area
has greatly kept me on the right track of my research work. Through her profound and
conscientious discussions offered to me, I have mastered a great deal of knowledge and
greatly broadened my views on research. From her valuable and meticulous guidance, I
have immensely developed my effective brainstorming, planning and scheduling skills.
Her logic thinking, research enthusiasm, and deep insight has inspired me and will be of

great benefits to my life-long study.

Special thanks to my dearest friend Mr. Khaled Ghaedi for his various contributions

and support throughout my research.

Last but not least, I would like to extend my thanks to my beloved father, mother and
my only brother, for their endless love, support, and encouragement. I am forever
indebted to my family for giving me the opportunities and selflessly encouraging me to
experience and explore new directions in my life. This journey would not have been

possible without them and I proudly dedicate this milestone to them.

vii



TABLE OF CONTENTS

AADSIIACE ...ttt ettt et b et et h ettt she e bt et e bt et et e saeens il
ADSIIAK ..ottt h et et sa e sb bt et she et e v
ACKNOWIEAZEMENLS ......eieiiieiieeiiieiie ettt et e bt e s taesbeesseeenbeensseenseens vii
Table Of CONENLS ..c.eeuiiiiiiieieeeeee ettt et st e b enees viii
LISt OF FIGUIS ..ottt ettt ettt ettt e et e e saaeenseessbesnsaennneens Xiv
LSt OF TADIES. ..ottt sbe e Xxiii
List of Symbols and ADbIeviations...........cc.eccuierieriiierieeiieerie et eeee e XXV
CHAPTER 1: INTRODUCTION ......cccviruerruicsenssncsansssnsesssnsssssssssssssssssassssssssssssssssssssssss 1
Ll INEOAUCTION. ¢ttt ettt ettt et b et et e st e e nseeneenees 1
1.2 Problem STAteIMENL .........cceeruiriiiiieiieieeiieie ettt ettt s sae e 2
1.3 ODbJectiVes Of STUAY ..cuveeiiieiiiciieiie ettt ettt e e e nnnes 3
N TeTe) o TR o) B 116 | SRR 3
1.5 Research methodolOgY......c.coiviiiiiiiiiiiiieceeee e e 6
1.6 Significance of STUAY .....eeeeiieiiiieeiieece e e e 9
1.7 OUtHNE Of theSIS ..uuiiiiiiiiiiiiiee e e 10
CHAPTER 2: LITERATURE REVIEW .12
2.1 INEOAUCTION. ...coutiiiiiiiie ettt ettt ettt 12
2.2 BaCKGIOUNG........oiiiiiieiie ettt e e e e be e e nnraeens 12
2.2.1 Classification of the cable-stayed bridges.......c.cccocvveviviiiciienniieeiieeeen. 12

2.2.2  Structural component of cable-stayed bridges .........ccccceevvvieviiieeniinennnen. 14

2.3 Seismic response of cable-stayed bridges..........cceevveriuieeniiieniieeeiie e 16
2.3.1  Modes Of VIDIAtION ....cooueiiiieiiiiiieiieeiie e 17
2.3.1.1 Pure vertical modes of deck ..........ccoeeeriiiiiiniiiniiiieeee, 17

viii



24

2.5

2.3.1.2 Pure torsional modes of deCK .....coovvmmmmmeeeeeeeeeeieeeeeee e, 18

2.3.1.3 Transverse modes of deck .........ccoceeiiiiiiiiniiiniiiniiieeeeeee, 20
2.3.1.4 TOWET MOAES ...uveieuiieiiieiieeiie ettt sttt 20
2.3.1.5 Stay cable interaction with bridge structure.............cccceeuveenneen. 21
2.3.2  DAMPING .eiiiiiieiiieeiiie et ect et eeteeetre e st e e s e e eae e e eebe e e sabeeeraeeeaaeeenreas 23
2.3.2.1 Damping mechanisms of cable-stayed bridges ............cc.c....... 24
2.3.2.2 Practical simulation of damping sources............cccceeeveererveeenneen. 25
2.3.3  Dynamic analysis proCedures ............cooeerueerieniieenieeieesieeieesee e 26
2.3.3.1 Inelastic seismic analysis procedures..........ccccceerverrieereeeueennnn. 26
2.3.3.2 Elastic seismic analysis procedures...........cceecueerversieeneeenueennnn. 28
2.3.3.3 Recommended analysis procedure for cable-stayed bridges.....30
2.3.4  Seismic response Of the tOWETS ........ccocceeiiiiiiiiiiieiiiiee e 30
2.3.5 Deck-Tower and deck-piers CONNECLIONS ........cceevveeerreeeriieeiiieeereeeenen. 30
2.3.6  Soil-Structure INtETACION .....cc.eevueeiirierieeieeitente ettt ettt 31
2.3.7  Seismic behavior of multiple-span cable-stayed bridges ...........cccceenuene 32
Comparison of capacity design with mitigation design...........ccceeceeeciieniirieennnnne 33
Mitiation AESIZN ....couveruiiiiiiiiieiteeet ettt ettt s 35
2.5.1  SeiSMIC 1SOlAtiON....c..eriiriiiiieiiiniieert ettt 37
2.5.1.1 High damping rubber bearing..........c.cccoceeverienerneniienenieneene. 37
2.5.1.2 Lead-rubber bearing ............ccceeceeeueenieriiienieeieesie e 38
2.5.1.3 Friction pendulum SYStem .........cccueeveeeiiienieeiienieeieeeee e 38
2.5.2  Passive energy diSSIPALETS ......c.cevueerueeriieriieniieeieenieeeieesieeereeseeesseesneeenne 39
2.5.3  Metallic dampPers ........cocvieiiieiiieiieeie et 41
2.5.3.1 Hysteresis behaviour of metallic dampers ........c..ccoceveeeennnee. 42
2.5.3.2 Classification of metallic dampers: .........ccccceeeveerireciienieeieennen. 43
2.5.3.3  APPHCALION ....eiiieiieiie ettt 60

X



2.5.3.4 Fatigue life of metallic dampers.........ccccveeevieeeniieecieeeeiee e, 63

2.5.3.5 Specific advantages and disadvantages of yielding metallic

JAMPETS ..ottt e et e e e e neaeeeaaeeens 64

2.6 Vibration control of cable-stayed bridges...........ccccuveeiuieeriiiiniieeeiie e 65
2.6.1  Passive coNtrol deVICES........covuiiriiiriiiiiieiieeiie et 65

2.6.2  Active and semi active control devices ..........coeceeriiriiienieiiiieniieieeee 68

2 AN V110 1 0 | oSSR 69

CHAPTER 3: GLOBAL SEISMIC RESPONSE OF PARTIAL AND FULL

ISOLATIONS OF THE CABLE-STAYED BRIDGE BY LEAD RUBBER

BEARINGS . ...t iininninnnissinssisssissssssssssssssssssssssssssssssssssssssssssssssssssssssssssssssssasssssssssss 71
3.1 INEEOAUCTION. ..ttt et ettt ettt et e et e e et e saeeenne 71
3.2 Description of the cable-stayed bridge .........cccooeeriieiiiiiiieriiiieeeeee e 71
3.3 MEthOdOIOZY ...uveiiiiiiiiiieitee et 73
3.3.1  Structural modeling of the bridge..........ccccceeiveriiniiiiiiiiicee 73

3.3.2  Experiment and validation of FEM ...........ccccoociiiiniininiiicce 75

3.3.3  Pushover analysis of the cable-stayed bridge.........cc.ccoeeuveviiiiienieniennen. 77

3.3.4  Equations of MOtION ........ccuiriiiiiriiniiieeicneeie ettt 78

3.3.5 Nonlinear time-history analysis.........cccceecuerieneriienienenienieneeieneesieeene 78
3.3.5.1 Ground mMOtiONS CIILIIA ..c.veeuvereeeieriienieeieeiesteee et 79

3.3.5.2 Ground motion SEleCtion ............ccecueveevierienienenienieeeeeeeene 79

3.3.6  Seismic isolation of cable-stayed bridge ..........ccceevevieeiieniiiiienieeieeen, 81
3.3.6.1 Design and modelling of seismic iS0lators..........cccceeevueereeennenne 81

3.3.6.2 Seismic isolation retrofitting cases of cable-stayed bridge ....... 85

3.4  Results and diSCUSSION ......ooueeriiiiiriieiieiieeitete ettt sttt 87
3.4.1 Results of pushover analysis ........ccceeeeeriieiiieniieiiieneeeee e 87

3.4.2  Results of modal analysis..........ccceeeveeiiieniieiiieniiiiieeeeee e 88



3.4.3 Results of time-history analysis: ........ccccoccueeevireriieenie e 90

3.4.3.1 Bridge displacement...........ccceeevuveeeiiiieniiieeeie e 90

3.4.3.2 Base Shear......ccocieuiiiiiiiiiieeeeee e 92

3.4.3.3 Base MOMENT ..cc..eiiiiiiiiiiiiiiieerite ettt 94

3.4.3.4 CabIe reSPOMNSE.....ccecviieeiieeeiieeerieeetieeeteeesreeesaeeesareeensseeenaneeens 96

3.4.3.5 Hysteresis response of bridge.........ccceeecvveiviiiieniieeiniieeciee e, 99

3.4.4  Overall SEISINIC TESPONSE ...veeevrreeirreeiieeeiieesieeeerreesreeesreeessreeessseeenseeas 100

3.5 CONCIUSIONS ..oniiiiiieiieeiteiee ettt ettt et e st eesateenbeesseeenseens 102

CHAPTER 4: SEISMIC RESPONSE CHARACTERISTICS OF THE FULLY

ISOLATED CABLE-STAYED BRIDGE UNDER MODERATE TO MAJOR

EARTHQUAKES......couiiiiinninnninsensaissenssesssisssssssssssssssssssssssssssssssssssssssssssssssssssssssssass 104
4.1 TIOAUCTION. ...ttt ettt ettt et ettt e st e enbeesaeeenbeaeneas 104
4.2 Ground MOtION SEIECTION. .....eiiuiieiieiiieiieeie ettt 105
4.3 Results and diSCUSSION ....c.eevviiiiriiiriiiiiniieieeentee et 106
4.3.1 Deck displacement and acceleration ..........cc.cceceveeveecienienennieneenennenn 106

4.3.2  Base SheAT.......ooiiiiiiieiie s 108

4.3.3  Base MOMENL.......cooiiiiiiiiiiiiieiie ettt 109

4.3.4  TOWET TESPOISE...ccuuriurieererreenireettesireeteeeireeseesireebeeseneesaeesneesaeeenneennees 110
4.3.4.1 Tower shear fOrce.........covvueriiriiriiniiienieseeeeeeeee e 110

4.3.4.2 Tower bending MOMENLt .........cceeruireiierieeiienieeiieeee e 112

4.3.4.3 Tower axial fOrCe .......cccevieriiiiiriiniiierieeeeeeeeee e 113

4.3.5  CabIe T@SPOMNSE....eerurieuiieriieeiieeiieeite et etteebeeeeeete e it e ebeesaeeebeesaaeenseenenas 115

4.3.6  Hysteresis curves of 1S0lators .........coceeruiieiiieniiniiieieeieee e 116

4.3.7 Overall dynamic performance ............ccocueeveerieniieenieeieesie e 117

4.4 CONCIUSIONS vttt ettt ettt ettt st sae et et esbe et eaee e 120

X1



CHAPTER 5: DEVELOPMENT OF A NEW YIELDING METALLIC

L0 N\ 7 1 g 0 121
5.1 INOAUCTION. ..coutiiiiieiie ettt ettt ettt st e bt e st esaee et 121
5.2 Theoretical apProaCh ........c.oeiiiiiiiiie et e e 124
5.3 Experimental StUAY .......coccuiiiiiiiiiiiiicee et 126
S5.3.1  COUPON LESE.ceeiiiiiieeeiiieeeeiteee et ee e e sttt e e e st e e e et eeeeenbaeeesseaaeeesnnsneeens 126

5.3.2  Quasi-Static CYCIIC tEST..uiiiiireiiiieiiieeiiie ettt e e 127
5.3.2.1  TeSt SELUP..uvtieeeeiiieeeeiiiee ettt e e eeree e et e e e eaee e e eaaae e s enareeeenns 128

5.3.2.2 Parametric StUAY ......cccoevieriiiiiieiieeie et 129

5.3.3  Experimental results and diSCUSSION...........cccvveeecuieeriiieeniieeeiee e, 130
5.3.3.1 Tensile test reSULLS ...c..eeruiiriiiiiiiiiieie e 130

5.3.3.2 Parametric study test results.........cooceviiiiiiniiiniiiieneeeeee, 132

5.4 NUMETriCal aNalySiS......coouieiiiiiiiiiiieeiieiee ettt sttt 148
5.4.1 Finite element Modeling.........c.cccoeeviiriiniiiiniinieieeeeeeeeeeeee 148

542 FEA TESUILS c.ooiiiiiieee et 150

5.5 HHSD characteristic formula ...........cccooiiiiiiiiiiiieee e 156
5.6 CONCIUSIONS ...euiiiiiiiiiiiiiteteetertee ettt sttt et 157

CHAPTER 6: SEISMIC RESPONSE OF THE CABLE-STAYED BRIDGE

EQUIPPED WITH HYBRID PASSIVE CONTROL SYSTEMS.....ccccoeevereccccnnnee 158
0.1 TNEPOAUCTION. c..cuiiiiiieiiecitee ettt s 158
0.2 MEthOOLOZY ... .eiiuiieiiieiieie ettt et e e e sseeenseens 161
6.2.1 Thermal movement of the bridge ..........cccceevvieriiniiiiiiiiieee e, 161
6.2.2  Abutment StIFNESS....cc.eviiriiiiriec e 161
6.2.3  HHSD design procedure.........oocuievuieriieriieniieiieeee et 161
6.2.4  Constitutive MOdel .........cooeiiiiiiniiiiiii e 164
6.2.5 Modeling in SAP2000 .........cccueriieiiiiiieieee et 166

Xii



T T B € 7 <Y 1531115 L S 166

6.2.5.2 Damper element ...........ccceeevuiieeiiiieniieeee e 167

6.2.6  Ground MOtION SEIECHION .....c..erueiiieiieiiiiieicnieeeeee e 168

6.3  Results and diSCUSSION .....cc.eiiiiiiiiiiiieiie et 170
6.3.1 Displacement and VElOCILY ........cccvvveeviiieiiieeieeeee e 171

6.3.2  Base Shear.......cooiuiiiiiiiie e 174

6.3.3  Pounding fOrCe .....uviiiiiiiiiie et 176

6.3.4  Hysteresis curves of energy diSSIPaters.........ccceeveeerieeriienieeseeenieeneenn 179

0.4 CONCIUSIONS ..ouiiiiiieiiieieetee ettt ettt et e sate st e e ateenbeessaeenseens 181
CHAPTER 7: CONCLUSIONS....ccontiiiinninsnissrnssecssecsanssessassssessesssessasssassssssssssssssassae 183
7.1 Concluding remarks..........coeeiiriiiiiiiinieeeeeee e 183
7.2  Recommendations of future Works ..........ccceeeeeiiiiiiiiiieniieieie e 184
RETETENCES ...ttt sttt 186
List of Publications and Papers Presented ...........ccccoceviiiiiniiniiiiniiniiicncecceee, 201

xiii



LIST OF FIGURES

Figure 1.1: Shipshaw cable-stayed bridge ...........ccecvieviiiiiienieeiieiecee e 4

Figure 1.2: Seismic hazard map of Canada (Natural Resources of Canada, 2015).......... 5

Figure 1.3: Damage to the Shipshaw Bridge due to 1988 Saguenay earthquake (Filiatrault

et al., 1993a, 1993D) ..c.uiimiiiiieie e e 5
Figure 1.4: Research methodology flowchart of the research.............cccoeveecvieiiiiciiennnnnn 8
Figure 2.1: Main cable arrangement types in cable-stayed bridges..........cccccoeveeviennn. 13
Figure 2.2: Different pylon geometries of cable-stayed bridges...........cccceevieeiiieniennce. 13
Figure 2.3: Elastic response of structures with and without cable systems.................... 16

Figure 2.4: Ideal models of deck and cables in terms of torsional and vertical frequencies

(GIMSING, 1998 ..ttt ettt et e ettt e st e st e e bt e sseeebeesneeenne 19

Figure 2.5: Relative phase error as a function of the step-time ratio and vibration period

(At=T) in several direct integration methods (Hilber et al., 1977).......cccccocerviiriinnnnnn. 27

Figure 2.6: a) Diagonal and b) intersected cables stiffening in multiple-span cable-stayed

bridges (VIrlogeux, 2001) ....ccciiieiieeieeeieeeee ettt e e e s e e e eneees 33

Figure 2.7: Summary of control strategies in the seismic design of structures with few

seismic devices (Huber & Medeot, 2005).......ccciieiiieeiiieeieeeieeeee e e 34

Figure 2.8: Mitigation design objectives ([1] fundamental period elongation and [2]

damping increment) recommended by Eurocode 8 (2004).........ccceverviinieneniicneenennene 35

Figure 2.9: Schematic view of high damping rubber bearing..........c.cccecceveviveervieeennennn. 38

Xiv



Figure 2.10: Schematic view of lead-rubber bearing...........ccceeeeviierciieenciieeniie e 38

Figure 2.11: Schematic view of friction pendulum system............c.ccecveeviierieenieenieennnn. 39

Figure 2.12: Idealized Hysteresis behavior of a) metallic and b) SMA materials.......... 43

Figure 2.13: a) U-Shaped steel, b) Torsional beam, c) Flexural beam, d) Single-axis ¢)

Tapered cantilever and f) Taper Tube dampers ..........ceccveeeiieeeiiieeie e 44

Figure 2.14: Schematic views of a) BRB, b) ARBRB (Zhao et al., 2011), ¢) different BRB

core configurations and d) SUB (X.-Y. Hao et al., 2014).......ccccecevieiieniienienieeiee, 46

Figure 2.15: Steel plate-based dampers ...........oocieriiiiiiiiiiiieiceee e 48

Figure 2.16: Steel shear panel-based dampers. a) SPD, b) SSPD, c) YSPD, d) SAFYD

and €) BRSPD (Deng et al., 2015) .o..eiiiiiiiiiieieeee ettt 50

Figure 2.17: Detailing of a) J-damper, b) Crawler damper and ¢) Cushion damper....... 51

Figure 2.18: Detailing of dampers proposed by Benavent-Climent (Benavent-Climent,

2010; Benavent-Climent et al., 2015) ....c.ooooiiiiiiiiceeee e e 52

Figure 2.19: Schematic view of pipe-based dampers, a) PD, b) DPD, c) IPD, d) TTD and

Figure 2.20: Detailing of: a) EPSD (W. Hao et al., 2012), b) BRRPD (Yamazaki et al.,

2016) c) AMD and d) FBD (Aghlara & Tahir, 2018).......ccoceiiiiiiiiiiiniiiienieeee 55
Figure 2.21: The aluminum shear-yielding damper............ccccoeviieiiiiniiiiiieniieieeeeeee 56
Figure 2.22: Lead dampers.......coeeieriiriiieiieieeieniesieee ettt st 57
Figure 2.23: Copper dampers. a) Plate and b) Round hourglass dampers....................... 58

XV



Figure 2.24: Schematic views of: a) SMA frame damper, b) SMA bar damper and ¢c) RHD

Figure 2.25: Schematic view of self-centering SMA dampers (Dolce et al., 2000; Ma &

ChO, 2008) ...ttt sttt ettt sttt 60

Figure 2.26: Schematic locations for the installation of metallic dampers in civil structures

Figure 2.27: Metallic damper fatigue life prediction ............ccoeoeeiiiiiieniieniieiienieeee 64

Figure 2.28: Plan view of proposed damper for the Vasco da Gama cable-stayed bridge

(Branco et al., 2000)........eoiuiiiiieieeeee e s 66
Figure 2.29: FVD installation in a long-span cable-stayed bridge (Zhu et al., 2015).....67
Figure 3.1: Shipshaw cable-stayed bridge detailing ...........cccceeeerviniiiiniinincnicneeene 72

Figure 3.2: Three-dimensional finite element model of Shipshaw cable-stayed bridge. 73

Figure 3.3: Stress-strain curves of steel and concrete materials used for modeling ....... 74
Figure 3.4: Four flexural mode shapes of the cable-stayed bridge ...........ccoceverienennen. 76
Figure 3.5: Acceptance criteria of the plastic hinges defined by FEMA-273 (1997).....77

Figure 3.6 a) Spectral displacement and b) spectral acceleration of five earthquakes for

the cable-stayed bridge with 5% of structural damping..........ccccceceeveiviniiinieninienennene 80

Figure 3.7: Design flowchart of the seismically isolated bridge............cccceeeeveriencnnnene 83

Figure 3.8: Detailing and idealized hysteresis behavior of Lead Rubber Bearing (LRB)

Xvi



Figure 3.9: Schematic hysteretic property of LRB in biaxial shear deformation

(Computers and Structures Inc., 2015) ....oooviiiiieiiiieceeeeee e 85

Figure 3.10: Results of pushover analysis of the bridge ..........ccccveeevieirciiiiiiieiieee 88

Figure 3.11: Implementation effect of base isolators on the natural time periods of the

Figure 3.14: Maximum base moment response of bridge subjected to earthquake

EXCILATIONS ..eeeeeeee e e e e e e e ettt e e e e e e e e e et e aeeeeee e e e aae e aaeeeeeeseaaennaeaeeeeeeeaeeanaaaeeeeeeeanannaaaeaaes 95

Figure 3.15: Maximum cable tension forces of the bridge under earthquake excitations

Figure 3.16: Force-Displacement hysteresis curves of the bridge subjected to S. Dicky 88

CATTQUAKE ... e e e e e e abeeenareeens 99

Figure 4.1: Finite element model of the fully isolated cable-stayed bridge.................. 105

Figure 4.2: a) Acceleration and b) displacement spectra of ground motions in longitudinal

and transverse directions applied to the bridge considering 5% damping.................... 106

Figure 4.3: Peak response of deck displacement during earthquake excitations in

longitudinal and tranSverse dir€CtIONS.........ccveeeriieriiieeeieeeireeeee e eereeesaee e eeeenees 107

Figure 4.4: Acceleration time-history of the deck under Cape Mendocino earthquake

X CTEALION 1 e e e e e e e e e e e e e e e e e e e e eeeeeaaaeaaaasasasasesesesasasesasesesasasasasesesasaaeaasaaenaaans 108

xvii



Figure 4.5: Base shear peak response of the bridge during earthquake excitations in

longitudinal and tranSverse dir€CtIONS.........ccveeerireeirieeeiieeeiteeereeeereeeereeesereeearee e 109

Figure 4.6: Maximum base moment response of the bridge under earthquake excitations

in longitudinal and transverse dir€CtioNS. ........cevuerverierierienieierieneeie et 110

Figure 4.7: Maximum shear force response of the tower along its height under different

s (0701116 53311510 ) s PSPPSR 111

Figure 4.8: Bending moment distribution along the tower height in both directions under

different Ground MOTIONS .......cccueiiiiiiiieiie ettt et sbee e 113

Figure 4.9: Maximum relative axial force of the tower along its height under different

ground motions in both dir€CtioNS. ........c.eeviieiiiiiiiiieieeie e 114

Figure 4.10: Maximum tension forces of the cables during earthquake excitations in

longitudinal and transverse dir€CtioNS............eeecvieruireiiieniieeiienie ettt 116

Figure 4.11: Force-Displacement hysteresis curve of the selected LRB at the left abutment

....................................................................................................................................... 117
Figure 5.1: HSSD detailing and prototype........ceecveeeuieeriiieeniiieeriee e 122
Figure 5.2: Schematics of HHSD implementation in various structures ...................... 123
Figure 5.3: Schematic of HHSD implementation in a bridge ...........cccceevvvevienieennenen. 123

Figure 5.4: a) Detailed schematics of a honeycomb structure and b) honeycomb

deformation UNAer SHEAr L0 ... ..cooveeemeeee e 124

Figure 5.5: Detailing of dog bone specimen based on ASTM-ES8 2015 (all units are in

Xviil



Figure 5.6: The IPC UTM-1000 used for the tensile test..........ccceevevieerieeencieeenieeenen. 127

Figure 5.7: Loading protocol used for the quasi-static cyclic test on HHSD ............... 128
Figure 5.8: HHSD experimental teSt SEtUD .......cccveeerviieeiiieeiieeeiie et 129
Figure 5.9: Stress-Strain curves for three samples obtained from the tensile test ........ 131
Figure 5.10: Failure of dog bone samples after the coupon tensile test...........c.e....... 131
Figure 5.11: Force-displacement hysteresis curve of steel material .............cccceeeeeeneee. 132
Figure 5.12: Typical HHSD hySteresis Curves ..........cocueveeviirienienienieneenieeicsieeeneeene 134
Figure 5.13: Sequence of plastic hinge formation in HHSD No. 1........cccccocinininnnene. 134

Figure 5.14: Effect of depth on the force-displacement hysteretic behavior of HHSDs

Figure 5.15: a) Effect of depth on dissipated energy and viscous damping ratio, b)

cumulative energy dissipated by HHSDS.........cccooiiiiiiiiiiiceecee 137

Figure 5.16: HHSD failure mode related to the depth parameter ............c.ccccveeennnennnee. 137

Figure 5.17: Effect of thickness on the force-displacement hysteretic behavior of HHSDs

Figure 5.18: a) Effect of thickness on dissipated energy and viscous damping, b)

cumulative energy dissipated by HHSDS..........cccoviiiiiiiiiiiieieeee e, 139

Figure 5.19: HHSD failure mode related to the thickness parameter ...............cc.c...... 139

XIX



Figure 5.20: Effect of height on the force-displacement hysteretic behavior of HHSDs

Figure 5.21: a) Effect of height on dissipated energy and viscous damping ratio, b)

cumulative energy dissipated by HHSDS..........cccoviiiiiiiiiiieieciceccee e 142

Figure 5.22: HHSD failure mode related to the height parameter .............ccccceeuveennneen. 142

Figure 5.23: Effect of cell size on the force-displacement hysteresis behavior of HHSDs

Figure 5.24: a) Effect of cell size on dissipated energy and viscous damping ratio, b)

cumulative energy dissipated by HHSDS..........cccovviiiiiiiiiieiecicceeeeeee e 144
Figure 5.25: HHSD failure mode related to the cell size parameter .............cccccecuenneee. 145
Figure 5.26: Force-displacement hysteresis behavior of HHSD No.1, 11 and 12........ 146

Figure 5.27: a) Dissipated energy and viscous damping ratio, b) cumulative energy

dissipated by HHSD No. 1, 11 and 12 ......coooiiiiiiieeeeeeeeeeeeee e 147

Figure 5.28: Failed specimens at maximum load: a) HHSD No. 1, b) HHSD No. 11 and

C) HHSD NO. 12 ettt ettt et e s 147
Figure 5.29: a) FE model and b) HHSD mesh detailing in Abaqus software............... 148
Figure 5.30: Experimental and FEA result comparison..........ccccceeceeeveenienieenieeneenee. 151

Figure 5.31: Equivalent damping ratio vs normalized stiffness for the HHSD models 154

Figure 5.32: Comparison of the failure mechanism in HHSD No. 1 according to FEA and

thE EXPETIMENT ... .eiciiieiieiieeite ettt e ettt e et e st e e bt e saaeebeesabeenbeessaeenseesnseenseannnas 154

XX



Figure 5.33: In-plane and out-of-plane hysteretic behavior of HHSDs........................ 156

Figure 6.1: Schematic configuration of the passive hybrid control system in the cable-

SEAYEA DIIAZE .ovveeeiieiie ettt et te et e s e e steesnbeesteeenbeessneensaens 160
Figure 6.2: HHSD design flow chart for isolated cable-stayed bridges........................ 163
Figure 6.3: Bilinear force-displacement curves of the designed HHSDs ..................... 164

Figure 6.4: Mathematical model of hybrid passive control system in a single-degree-

FTEEAOIM SYSTEIM ...oviiiiiieiieeie ettt ettt ettt ettt e et e e steeeete e taeesseeseesnseessseanseensnas 165
Figure 6.5: Link element with the gap property in SAP2000 .........c.cccoceevirienieniennene 166
Figure 6.6: Nonlinear link element representing the HHSD in SAP2000 .................... 167

Figure 6.7: Finite element model of the bridge equipped with hybrid passive control

1757 10 1 PSPPSR 168

Figure 6.8: Scaled acceleration response spectra of ground motions adopted for analysis

Figure 6.11: Displacement time-history response of the bridge at the deck-tower

connection under earthquake NO. ©.......cccoiiiiiiiiiiieiiicceceeeee e e 173

XX



Figure 6.12: Velocity time-history response at the top of the tower under earthquake No.

Figure 6.13: Maximum base shear of the bridge with different control systems.......... 175

Figure 6.14: Base shear time-history response of the bridge under earthquake No. 1.176

Figure 6.15: Maximum pounding force on the bridge at the left abutment.................. 177

Figure 6.16: Maximum pounding force on the bridge at the right abutment................ 177

Figure 6.17: Pounding time-history response of the bridge at the left abutment subjected

t0 €ArthqQUAKE INO. 5 oot e e e e e e e rb e e erreeenns 179

Figure 6.18: Pounding time-history response of the bridge at the right abutment subjected

t0 €arthqUAKE INO. 5 oottt e be e e e e rr e e erreeenes 179

Figure 6.19: Hysteresis loops of control systems at the bridge ends in different cases 181

Figure 6.20: Hysteresis loops of control systems at the tower in different bridge cases

xxii



LIST OF TABLES

Table 3.1: Calculated cables’ tension forces the cable-stayed bridge...........ccccevuvennenne. 75

Table 3.2: Natural time periods of the cable-stayed bridge (Filiatrault et al., 1993b)....76

Table 3.3: Ground MOtIONS CRATACTETISTICS. ..cevveereneeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeaaaeeeeas &0

Table 3.4: Different retrofitting cases with schematic locations of isolation systems.... 86

Table 3.5: LRBs’ characteristics used in numerical analysis..........c.cccoeveeerieneeriieennnne 87

Table 3.6: Fundamental period of the brid@e...........cooueeiieiiiiiiiiiiieee e 89

Table 3.7: Summary of seismic responses of the bridge for different retrofitting cases

Table 4.1: Ground motion records CharaCteriSTICS .. ...cvvveruumeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeaens 106

Table 4.2: Peak absolute acceleration response of the bridge deck under different ground

ACCELETALIONS e e e e e ettt e e e e et e e e e e e e e e e e eaaaeeeeeeeaee e aaeeeaeeeaaaenaaaeeeeeesanannaaaaaaes 108

Table 4.3: Summary of maximum seismic responses of the non-isolated and isolated

Cable-Stayed DIIAZE.......ccooviieiiieeiiie et e 119
Table 5.1: Details of the loading protocol in the quasi-static cyclic test .........c...c........ 128
Table 5.2: HHSD details for the experimental parametric study .........cccccoeeverveenennen. 130
Table 5.3: Coupon tensile teSt TESULLS .......eeeviiieiiieeiieceeete e e 131
Table 5.4: Quasi-static cyclic test result SUMMAry ..........cccocceeeviieniieriienieeeeeeeeieeeee, 135
Table 5.5: Material properties used in FE modeling...........c.ccooceeviiiininiininninnene. 149

Xx1il



Table 5.6: FEA 1esult SUMMATY .....cccviiiiiiieiiieciiecieeee et 151

Table 5.7: Comparison of theoretical values with FEA results (units: mm, kN).......... 155
Table 6.1: Designed HHSD dimensions for the isolated cable-stayed bridge.............. 164
Table 6.2: Characteristics of ground motions selected from PEER (2017).................. 169

XX1v



Ucum

Acum

Ar

Ay

Ay

g

¢
Eeqlhybrid)
Ceql

Om

AL

m]
[C]

LIST OF SYMBOLS AND ABBREVIATIONS

Dimensionless quantities

Yield displacement of HHSD
Damping ratio of HHSD
Damping ratio of isolator
Equivalent stress

Yield stress

Ductility

Cumulative displacement ductility
Coefficient of thermal expansion
Cumulative displacement

Design thermal movement
Ultimate displacement

Yield displacement

Strain

Equivalent viscous damping
Damping ratio of hybrid control system
Effective damping of isolated bridge
Mean stress

Elongation ratio

Deflection

Stress triaxiality

Poison ratio

Earthquake coefficient matrix

Damping matrix of structure

XXV



[D] . Location matrix of the restoring force of isolator or hybrid control

system
[F] . Restoring force matrix of isolator or hybrid control system
[K] . Stiffness matrix of structure
[M] :  Mass matrix of structure
{u} :  Relative velocity vector
it} . Relative acceleration vector
{%,} :  Earthquake acceleration vector in principal direction
If} :  Restoring force of hybrid control system
{u} . Relative displacement vector
Ao : Original area
Ar : Austenitic temperature
B . Lateral distance between cable planes
Cep : Vertical stiffness of each plane of cable
G : Ratio of main to side span length
din. : Initial assumed displacement
D : Depth of HHSD
d : Total displacement of isolated bridge
disol : Isolator displacement
dsub : Substructure displacement
dy : Isolator yield displacement
E : Young's elasticity modulus
Ep :  Energy dissipated
Es : Strain energy
FY . Yield force of isolator

f . Frequency of loading

XXVi



Fisol
Js
S
S

hl

Iy

Im,x

Ka

Ka
Kepr
ka
Khybrid
Kisol

K.

Lo

Force

Isolator shear force

Stiffness component of the force vector
First vertical frequency of deck

First transverse frequency of deck
Shear modulus

Seating height of abutment in Chapter 6

Side dimensions of unit cell of HHSD in Chapter 5

Moment of inertia

Transverse moment of inertia of deck
Deck torsional mass amount of inertia
Longitudinal stiffness of abutment
Stiffness of isolated bridge

Post-yield stiffness of isolator in Chapter 3
Stiffness of HHSD in Chapter 5
Effective stiffness

Stiffness of gap element

Stiffness of hybrid control system
Effective stiffness of isolator

Elastic stiffness

Span length

Original length

Main span length

Mass of deck per unit length

Deck mass

Number of cycles to failure

XXVvil



nx,y

Py

Py

Qu

Sbi

Tp
Teyr
Tax
Tvin
Uss

Ux,y,z

Wabut.

ABRB
ADAS
AMD
BRB
BRRPD
BRSPD
CQC

CTF

Numbers of vertical cells in X and Y directions
Applied force

Ultimate strength

Yield force of unit cell of HHSD

Total yield force of HHSD

Characteristics strength of isolator

Design spectral displacement

Fundamental period of structure

Thickness of HHSD

ECS corner vibration periods for design spectra
Effective period

Maximum designed temperature

Minimum designed temperature

Bearing displacement in 2 and 3 directions (local direction)
Support translation in X,Y, and X directions
Superstructure weight

Width of abutment

Angle buckling-restrained brace

Added damping and stiffness

Active mass damper

Buckling-restrained brace
Buckling-restrained rippled plate damper
Buckling restrained shear panel damper
Complete quadratic combination

Comb-teeth damper

XXVviil



DPD

EPSD

FD

FEA

FEM

FPS

HDR

HHSD

IPD

LRB

LVDT

MD

MDOF

MECS

MRD

MRSA

OECS

PB-FREI

PD

PGA

PYSPD

RHD

RNC

SAFYD

SDOF

Dual-pipe damper

Elastic-plastic steel damper

Friction damper

Finite element analysis

Finite element method

Frictional pendulum system
High-damping rubber bearing
Hexagonal honeycomb steel damper
Infilled-pipe damper

Lead rubber bearing

Linear variable differential transformer
Metallic damper

Multi-degree of freedom

Multi element cable-system
Magneto-rheological dampers

Modal response spectrum analysis

One element cable-system

Partially bonded fiber-reinforced elastomeric isolator
Pipe damper

Peak ground acceleration

Perforated yielding shear panel damper
Rubber bearing

Reusable hysteretic damper
Roll-n-Cage isolator
Shear-and-flexural yielding damper

Single-degree of freedom

XXIX



SI : International system of units

SMA : Shaped memory alloy

SPD : Shear panel damper

SSD . Slit steel damper

SSPD . Stiffened shear panel damper
SUB : Steel unbuckling brace
TADAS : Triangular-plate added damping and stiffness
TITD . Tube-in-tube damper

TLD . Tuned liquid damper

TMD : Tuned mass damper

TTD . Torsional pipe damper

ULM : Unit load method

VE : Viscoelastic

VPD : Vertical pipe damper

YSPD : Yielding shear panel damper

XXX



CHAPTER 1: INTRODUCTION

1.1 Introduction

The numbers of cable-stayed bridges construction have been increasing dramatically
over the past few decades. Such bridge may consist of one or more pylons, which hold
the stay cables from the bridge deck. The cables act as additional support to the bridge
deck, hence minimizing the need for bridge piers. Their advantages such as longer span
length, aesthetically appealing, fast construction rate, highly efficient load resistance,
lightweight and small structural members make these among the most popular types of
bridges nowadays. Nonetheless, they are associated with low structural damping and
longer natural periods, which make them highly flexible and susceptible to large
amplitude oscillation under dynamic loadings, such as wind, earthquake excitations,
strong wind loads and traffic loads (Ali & Abdel-ghaffar, 1994, 1995). These
characteristics make cable-stayed bridges extremely vulnerable to structural damage and
catastrophic failure. For example, one of the anchorage plates in the support of the
Shipshaw Cable-Stayed Bridge failed in 1988 due to overstress induced by seismic
loadings. In addition, it was also reported that the pounding of the bridge with the end
abutments caused severe damage in the Shipshaw Bridge (Filiatrault et al., 1993a,
1993b). Moreover, the Kobe earthquake in 1995 struck the Higashi-Kobe Bridge and
caused several failures in different structural components of the bridge (Kitazawa et al.,
2000). Another cable-stayed bridge that was damaged due to seismic activity is the Chi-
Lu Bridge. This bridge was almost completed when the 1999 Chi-Chi earthquake (M, =
7.3) occurred. It was reported that severe damage occurred in the deck, while the pylon
below the deck suffered moderate cracks and significant concrete spalling at the pylon-
cable connections (Chang et al., 2004). Thus, it can be concluded that understanding the
seismic behavior and protecting cable-stayed bridges are essential to prevent such damage

and failure in these types of structures.



The mitigation design is a promising solution for seismic retrofitting of existing
structures. Structural control systems have been developed and implemented widely in
various types of structures, to mitigate the vibrational response of structures due to
different dynamic loadings. Seismic isolation such as lead rubber bearings are also
implemented in structures like buildings and bridges. An isolation system elongates the
fundamental period of the structure, hence reducing its seismic demand. Nonetheless, it
also increases the seismic displacement of the superstructure. Hence, hysteresis devices
are proposed to mitigate the seismic displacement of the superstructure. A hybrid passive
control system comprises an isolation system and hysteresis devices, thus benefitting

from both systems to reduce the structure’s vibrational response (Skinner et al., 1974).

1.2 Problem statement

Bridges are key for transportation systems in this modern world. Some of the bridges,
particularly cable-stayed bridges, are susceptible to large amplitude oscillation under
seismic loads because of their low structural damping and longer fundamental periods.
For instance, the Shipshaw Bridge, Higashi-Kobe Bridge, Ji Lu Bridge, Chi-Lu Bridge,
Tsurumi Tsubasa Bridge and Yokohama-Bay Bridge have either failed or suffered severe
damages from earthquake excitations. The protection of cable-stayed bridges from
earthquakes has been challenging for engineers ever since. Moreover, cable-stayed bridge
failure may be associated with human injury, losses and bridge serviceability disruptions
in emergency after earthquake events. In order to minimize the potential damage and
possible failure in cable-stayed bridges due to future earthquake excitations, the hybrid
passive control system is proposed. This system consists of seismic isolator with a new
yielding metallic damper called the Hexagonal Honeycomb Steel Damper (HHSD). In
general, the seismic isolation system improves the seismic performance of the structure
but also increases the superstructure’s displacement during earthquakes. Therefore, in

addition to seismic isolation, a new type of metallic damper with high ductility and energy



dissipation capability is applied in the cable-stayed bridge. The hybrid passive control
system is made of seismic isolation system combined with a metallic damper that takes
advantage of both systems. Here, the metallic damper acts as a fuse for the superstructure
during earthquake excitations and mitigates the excessive seismic displacement of the
superstructure. Besides, it prevents the likelihood of the earthquake-induced pounding

phenomenon in the bridge.

1.3 Objectives of study

The main aim of this research is to enhance the seismic performance of the cable-
stayed bridge in the longitudinal and transverse directions by implementing a hybrid
passive seismic control system. To achieve the main aim, the following objectives shall

be accomplished:

1. To identify the best seismic isolation case for retrofitting of the cable-stayed
bridge subjected to ground motion accelerations.

2. To study the seismic characteristics of the fully isolated cable-stayed bridge
under ground motion accelerations.

3. To develop a new metallic damper through experimentation and finite element
analysis.

4. To evaluate the effectiveness of the hybrid passive control system on the

seismic performance of the cable-stayed bridge.

14 Scope of study

Damage and failure have been reported in several cable-stayed bridges under seismic
excitations. However, data availability for cable-stayed bridges is a challenge for
modeling and verification proposes. In this research, the Shipshaw cable-stayed bridge
is selected for the scope due to the availability of bridge details and the experimental

result (Filiatrault et al., 1993a, 1993b). As Figures 1.1 and 1.2 show, the Shipshaw cable-



stayed bridge is located over the Saguenay River near Jonquiere city, Quebec Province,
in a high-risk seismic zone of Canada. On 25 November 1988, this bridge experienced
the Saguenay earthquake. The magnitude was M1=6.0 with peak ground acceleration
(PGA) of 0.15 g at Chicoutimi North Station, which is 15 km from the bridge site. As a
result of seismic loading and stress concentration, one of the anchorage plates connecting
the box girder to the East abutment failed as shown in Figure 1.3 (a). Besides, the
earthquake-induced pounding due to the deck’s longitudinal motion caused severe
structural damage at the bridge ends (Figure 1.3 (b)), as reported by the Canadian National

Committee on Earthquake Engineering inspection team (Filiatrault et al., 1993a, 1993b).

Figure 1.1: Shipshaw cable-stayed bridge



Figure 1.2: Seismic hazard map of Canada (Natural Resources of Canada, 2015)

a) Anchorage plate failure of the support at b) Damage to concrete cover at the

the East abutment West abutment

Figure 1.3: Damage to the Shipshaw Bridge due to 1988 Saguenay earthquake

(Filiatrault et al., 1993a, 1993b)



1.5

Research methodology

To achieve the objectives of the research, several methodology stages are considered

as follow:

1)

2)

3)

4)

The selected bridge is modeled in three dimensions using SAP2000 finite element
software (Computers and Structures Inc., 2015) and validated with the previous
experimental result. Different seismic isolator retrofitting cases are considered and
seismic isolators are designed according to AASHTO (2010, 2012). A comparative
study is performed to find the best seismic retrofitting case.

Based on the results of the first stage, the best retrofitting case is selected for further
investigation. Once again, the seismic isolators are designed for moderate and
strong earthquakes. The seismic performance of this bridge case and the original
bridge is studied thoroughly using SAP2000 software.

The results of previous stages showed that the seismic displacement of isolated
bridge significantly increased. Therefore, a new metallic damper is proposed
(HHSD) to mitigate the unfavorable seismic displacement of the superstructure.
The HHSD is developed and tested through the quasi-static cyclic test in the
laboratory. In addition, a finite element model of the damper is created in Abaqus
finite element software (Abaqus Inc., 2014) and validated with experimental
results. A parametric study is performed on the damper to find its characteristics
and behavior. Thereafter, the constitutive formulas of the damper are derived from
results of experimental and numerical analyses.

At final stage, the hybrid passive control system (the combination of seismic
isolator and the HHSD) is implemented in cable-stayed bridge to improve its
seismic performance. In this stage, the design procedure of the HHSD for the fully
isolated cable-stayed bridge is developed. Thereafter, the HHSD is designed and

its properties are used to model the damper in the fully isolated bridge to compose



the hybrid passive control system. The effectiveness of bridge with hybrid control

system is studied using SAP2000.

Figure 1.4 shows the flowchart of described methodology in this research. It should be
noted that for each bridge retrofitting case, seismic performance of bridge is evaluated
through a series of nonlinear time-history analyses. In each chapter, different ground
motion records from minor to major earthquake class are used for the time-history
analyses. This facilitates a wide range of analysis in evaluating the effectiveness of each

seismic retrofitting strategy.
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1.6 Significance of study

The seismic protection of cable-stayed bridges is challenging for engineers due to the
vulnerability of cable-stayed bridges to earthquake excitations. The passive control
system appears to be one of the most affordable protection solutions for the seismic
retrofitting of existing and new structures in earthquake prone zones. In contrast to active
and semi-active control systems, the passive control system is inexpensive and protects
the structure from seismic loads without any source of external energy and control
algorithm during operation. In this research, a hybrid passive control system is proposed
for the seismic retrofitting of bridges. The system is composed of the seismic isolation
system and a new yielding metallic damper (HHSD). The HHSD takes the advantage of
the honeycomb geometry and steel material in dissipating seismic energy. The seismic
isolation helps enhance the seismic performance of the bridge and minimize seismic force
transmission from the substructure to the superstructure. Furthermore, it reduces the
seismic response demand on the piers and tower of the substructure. The metallic damper
mitigates the seismic displacement of the superstructure and eliminates the earthquake-
induced pounding phenomenon in the isolated structure. The locations of the dampers are
chosen such that they can be inspected after earthquake events and replaced easily if
required. In addition, the dampers can be utilized in different locations to distribute the
supplemental damping accordingly to the cable-stayed bridge. The new metallic damper
is inexpensive, rate independent, resistant to ambient temperature, reliable, highly ductile
and with high energy dissipation capability. Thus, it acts as a fuse in the structure during

earthquake events and can be easily replaced after failure.



1.7 Outline of thesis

This dissertation is presented in Article style format and divided into the following
chapters:

Chapter 1 presents the background of the research and a description of the research
problem, objectives, scope and significance.

Chapter 2 briefly reviews the dynamic behavior of cable-stayed bridges. Further,
different dynamic analyses methods and recommendations for the seismic analysis
procedure for cable-stayed bridges are explained. This chapter also includes a
comprehensive review of different types of metallic dampers.

Chapter 3 describes the full detailing of the selected cable-stayed bridge and
specification of the numerical modeling of the bridge, which is verified with experimental
results. The modal and pushover analyses of the bridge are also described in this chapter.
Furthermore, different seismic retrofitting cases are defined and seismic isolation systems
are designed for each case. Subsequently, a comparative study of the seismic behavior of
the bridge in the longitudinal and transverse directions is conducted through nonlinear
time-history analysis.

Chapter 4 studies the seismic performance of the non-isolated and fully isolated cable-
stayed bridges (global and local responses of the bridge) subjected to moderate and major
ground motions.

Chapter 5 presents the development of the new yielding metallic damper proposed
through experimental and numerical analyses. The constitutive formulas of the metallic
damper are also derived.

Chapter 6 discusses the seismic performance of the cable-stayed bridge with the
hybrid control system. The metallic damper is designed and modeled in the fully isolated

bridge and its effectiveness is studied through a series of time-history analyses.
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Chapter 7 presents a summary and major conclusions of the research with respect to

each objective. Recommendations for future work are also given in this chapter.
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CHAPTER 2: LITERATURE REVIEW

2.1 Introduction

This chapter covers the background and various literatures involved in this study. The
dynamic aspect and seismic response of the cable-stayed bridges is briefly discussed. In
addition, the overall review of different control systems with emphasis on metallic
damper is presented. Finally, different seismic control systems in the cable-stayed bridges
is reviewed. The static behavior of cable-stayed bridges is well studied by several
researchers, hence it is not covered in this research (Nazmy & Abdel-Ghaffar, 1990;

Okamoto & Nakamura, 2011; Oliveira Pedro & Reis, 2010; Shattarat et al., 2008).

2.2 Background

The very first cable-stayed bridge was built from timber in 1784. However, the first
significant cable bridge structure was a suspension bridge and the cable-stayed system
was made of cast iron. At the end of the 19" century, the hybrid design and construction
of cable-stayed bridges were induced. Nowadays, cable-stayed bridges are constructed

widely with longer span lengths and enhanced materials.

2.2.1 Classification of the cable-stayed bridges
In general, cable-stayed bridges are classified based on stay cable arrangement,
number of planes and pylon geometry. Figure 2.1 shows four major types of cable

arrangements as follows:

I.  Mono: Only a single cable is attached to the tower and deck girder of the
bridge. This is a rare case of a cable-stayed bridge.

II.  Harp: Cables from deck girders are connected to the tower in parallel with
equal spacing. The harp arrangement offers a delicate appearance and less

complexity, which makes it the most common type of cable-stayed bridge.
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III.  Fan: Several cables from different points on the bridge girders are attached to
a single point at the top of the tower.
IV.  Semi-Fan: Cables are connected at the top of the tower with close spacing. The

semi fan arrangement generates minimum moment in the tower.

a) Mono b) Harp c¢) Fan d) Semi-Fan

Figure 2.1: Main cable arrangement types in cable-stayed bridges

Based on the plane of the cables, they are classified as single plane or double plane. If
the cables are arranged in a single plane on the tower, it is called a single plane cable-
stayed bridge (Figure 2.2 (e)) and if the cables are arranged in two planes, it is called a
double plane cable-stayed bridge (Figures 2.2 (a),(b),(c) and (d)). However, there may be
more than two planes based on the architectural design and shape of the pylon (Figure 2.2

(f)). Figure 2.2 shows a few common pylon geometries constructed around the world.

Figure 2.2: Different pylon geometries of cable-stayed bridges
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2.2.2

Structural component of cable-stayed bridges

The main structural components of cable-stayed bridges are elaborated as follows:

1. Pylon (or tower):

In principle, pylons in cable-stayed bridges are tower structures. The
aesthetic consideration of pylons is considerable for engineers. The pylon
should be able to withstand heavy loads, which are axial forces generated by
the cables. As mentioned earlier, pylons may have different shapes. The pylon
base can be fixed or hinged. Fixed base pylons offer large bending moment at
the base that increases pylon stiffness. On the other hand, a hinged base
minimizes the tower’s bending moment at the base and simplifies the analysis
procedure.

Pylons are usually made of box sections that are strong against buckling,
hence facilitating a significant reduction in material amount. Pylons may be
made of steel, reinforced concrete or pre-stressed concrete. Steel pylons are

fabricated and erected faster, whereas concrete pylons are more economical.

. Deck (or girder):

The primary structural purpose of the deck is to carry vehicle and train
loads. These loads are transferred through the deck to the stayed cables. Deck
girders are constructed or assembled through the free cantilever method,
which significantly reduces construction time and costs. Decks of cable-stayed
bridges with a single central cable plain should have higher torsional stiffness,
whereas for bridges with more than one cable plain the torsional stiffness is

not crucial.
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Nowadays, decks or girders are precast, thus increasing the rate of
construction substantially. Decks are classified based on material as follows:
I.  Concrete deck
Concrete decks may be precast or cast in situ. Precast concrete
decks and girders reduce the construction time. They can be pre-
stressed or posttensioned and the cost is relatively low. However,
concrete increases the dead load of the bridge, which may lead to
enlarged dimensions of piers, pylons, and cables.
II.  Steel deck
Steel decks and girders are used widely in long span bridges. The
advantages of steel decks are the lightweight and various possibilities
for cross-section design.
III.  Composite deck
Composite decks are made of concrete slabs with steel beams and
stringers. This kind of deck is relatively lighter than concrete decks.
3. Cables:

Cables are the main elements in cable-stayed bridges. The stay cable
technology has been developing considerably recently. A cable is composed
of high-strength strand wires. Based on the cable-stayed bridge design, the
diameter and number of strands may change. Strands have high tensile
strength with high corrosion resistant. Cables are strong in tension but weak
in compression and bending. They can be in tension up to 80% of their
characteristic tensile strength. In addition, they are light, economical and can

stand heavy loads.

Geometric nonlinearity plays an important role in the static and dynamic behavior of

cable-stayed bridges. Material nonlinearity is also clearly distinguished in civil structures
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as a significant analysis aspect. The geometric sources of nonlinearity are identified as:
(1) the beam-column effect due to the combination of the axial load of towers and bending
moment of girders, (i1) large displacement effect know as P-A effect and iii) cable sag
effect (Ali & Abdel-Ghaffar, 1995; Ren & Obata, 1999; Ren & Peng, 2005; Wang &
Yang, 1996). The geometric nonlinearities introduced by stay-cables lead to the increase
of the structural stiffness when demanding forces are enlarged, presenting cable-stayed
bridges a slight geometric hardening in the elastic range which distinguishes this typology
from the rest (Fleming & Egeseli, 1980; Karoumi, 1998). Although material nonlinearity
dominates in the advanced demand stages, leading to stiffness degradation in
conventional structures, geometric nonlinearity in cable-stayed bridges governs the
structure’s response in the early loading stages. Figure 2.3 shows the difference in the
elastic response of cable-stayed structures and other types of structures. In this figure,
area O-B is dominated by geometric nonlinearity and above area B is dominated by

material nonlinearity (Alfredo Camara Casado, 2011).

Figure 2.3: Elastic response of structures with and without cable systems

23 Seismic response of cable-stayed bridges
This section contains comprehensive details of the type and procedure of analysis of

the dynamic and seismic behavior of cable-stayed bridges. Generally, cable-stayed
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bridges are characterized by longer natural time periods with low spectral acceleration.
The stayed cables act as elastic supports for the deck that dissipate forces generated from
the vertical component of the earthquakes. On the other hand, cable-stayed bridges are
associated with high flexibility and low structural damping, which make them vulnerable

to large amplitude oscillations due to the horizontal components of the earthquakes.

23.1 Modes of vibration
The dynamic response characteristics rely on the vibration characteristics. Modal
parameters, such as frequencies, participation factors, modal deformation and damping

ratio are crucial parameters prior to the seismic response of any structure.

Cable-stayed bridges are complex structures whose vibration modes differ from other
types of structures. Furthermore, these are associated with coupling modes, such as
coupling between the transverse flexure and torsional response of the bridge. Modal
coupling mostly governs when the main span of the bridge is longer than other. Moreover,
modal analysis of cable-stayed bridges considers a large number of modes due to the
structural complexity. Generally, the first vibration mode has a longer natural time period,
where the deck contributes the most to the mode shape (1% flexural mode)(Bruno &
Leonardi, 1997).The mode shapes involved in the modal analysis of cable-stayed bridges

are briefly described in the following sections.

2.3.1.1 Pure vertical modes of deck

The vertical mode shape of decks in cable-stayed bridges is governed by the cable
system. In addition, the main span length, the ratio of the side to the main span length and
the tower height are parameters contributing to the vertical deck mode. Kawashima et al.
(1993) proposed the following equation to find the first vertical bending frequency of

cable-stayed bridges:
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f, =33.8L)7% 2-1)

Where L, is the main span length in meters. Higher vertical deck modes have more
zero-displacement nodes along the length of the deck. In higher modes of vertical deck
bending, the contribution of axial force to stay cables decreases and deck stiffness has the

main role.

2.3.1.2 Pure torsional modes of deck

The torsional stiffness of the deck is influenced by the cable system arrangement
and/or the cross-section of the deck rather than the cable system’s axial stiffness.
Kawashima et al. (1993) also recommend Equation 2-2 for the first torsional frequency

of the deck:

f, =175 (2-2)

If the deck consists of a box girder, the fundamental torsional frequency of the deck is
governed by the torsional rigidity of the box girder. As a result, a bridge with central cable
plane arrangement has torsional rigidity of higher magnitude at which the cable governs
about 10 to 20% extra rigidity beyond the deck rigidity (Virlogeux, 1999). Wyatt (1991)
proposed an equation for the fundamental torsional frequency of the deck and neglected
the cable-system contribution to this mode. However, Gimsing (1998) developed this
equation by accounting for the contribution of stay cables in the first torsional mode of
the deck and neglecting the deck stiffness. The model consists of two vertical cables, as

shown in Figure 2.4. The expression proposed by Gimsing is:

1 |2C, C .B’
f,=— id 5, :L i (2-3)
272. Md 27[ 21m,x

Where C, is the stiffness of each cable plane, M, is the deck mass, B is the lateral

distance between cable planes and 7, » is the deck torsional mass moment of inertia.
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a) Distributed mass with central b) Concentrated masses with lateral
cable arrangement cable arrangement
Figure 2.4: Ideal models of deck and cables in terms of torsional and vertical

frequencies (Gimsing, 1998)

Figure 2.4 shows two ideal models with different mass concentrations, where (a) the

mass is distributed uniformly throughout the deck cross section, hence 7, =M ,B*/12

and (b) the mass is modeled as two concentrated masses in each cable plane with

I1,.=M,B*/4. However, in reality, the mass distribution of the deck is somewhere
between these two conditions, and therefore, for both expressions of the moment of
inertia, ratio f,/ f, is between 1 and+/3. In practice, the observed ratio f,/ f, ranges

from 1.5 to 1.6, which is in close agreement with Gimsing’s proposal. Thus, cable-stayed
bridges may involve vertical and torsional modes at closer fundamental frequencies,
especially if (a) the deck torsional and vertical stiffness are relatively smaller than the
cable system and (b) the mass concentration is on the deck sides. Furthermore, the pure
torsional mode governs the tower with two planes of cables that may require an anti-phase
motion element in the tower, e.g. H-shaped towers involve the lateral movement of each
plane. Meanwhile, A-shaped and inverted Y-shaped towers, where two cable planes meet

at the same location on the tower, exhibit significantly smaller torsional modes.
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2.3.1.3 Transverse modes of deck

The transverse modes of decks in cable-stayed bridges are dominated by the deck’s
transverse flexural stiffness. The stay cables induce minor transverse restraints to the
deck, hence the contributions of the cable system and tower flexibility are negligible. The
transverse frequency of the deck may be calculated as a continuous beam of the same
span arrangement. Wyatt (1991) calculated the first transverse frequency for the deck as

a beam model with the following expression:

1 ﬁszEIH
=— f— 2-4
fy 2 ij} (2-4)

Where C, is the ratio between the main span to the side span of the deck, E is the
modulus of elasticity, m is the mass of the deck per unit length and Iy is the transverse
moment of inertia of the deck. The transverse frequency of the deck is governed by the
deck width and may not be easily controlled by the designer. Kawashima et al. (1993)
experimentally determined the following expression for the first transverse frequency of

a cable-stayed bridge as a function of the main span:

f, =482L,>" (2-5)
If the values of £, and f, are in the same range, the coupling of the torsional and

transverse modes of the deck is observed in cable-stayed bridges during modal analysis;

otherwise, the coupling of these modes is weak (Wyatt, 1991).

2.3.1.4 Tower modes

The cable system significantly affects the longitudinal mode of the tower, whereas on
the transverse axis, the effect is just as considerable. If the cable plane has a deep slope,
the cable system also significantly affects the tower response in the transverse direction.

Hence, the pure transverse mode of the tower is expected before the longitudinal mode.
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The pure transverse mode of the tower can be approximated by cantilever models of the

tower.

2.3.1.5 Stay cable interaction with bridge structure

Cable-stayed bridges are also characterized by the local mode of the cable system. The
interaction between the local modes of the cable and the global modes is called the cable-
structure interaction, which Leonhardt and Zellner (1980) studied. They found that the
cable-structure interaction improves the seismic response of cable-stayed bridges to some
extent. However, this effect may also increase the risk of damage to the structure if the
bridge is subjected to specific dominant frequencies of an earthquake. The discretization
of stay cables has an important role in the seismic analysis of cable-stayed bridges. Two
discretization systems are available for cable systems: (i) One Element Cable-System
(OECS) and (ii) Multi Element Cable-System (MECS). If one finite element is considered
per stay-cable, it is known as a one element cable-system (OECS). In OECS, the local
modes of the cables and the dynamic interaction between the deck and cables are
neglected, but this neglect is less favorable during the seismic analysis of bridges (Abdel-
Ghaffar, 1991). The vibration of cables produces more energy in higher modes, at which
the contribution is significant during seismic excitation in terms of force but is less
significant in terms of displacement (Abdel-Ghaffar, 1991; Abdel-Ghaffar & Khalifa,

1992).

MECS is associated with a large number vibration modes at lower frequencies. These
local modes comprise out-of-plane and in-plane lateral flexural modes, but these modes
do not affect the seismic response of bridges subjected to ground motions (Abdel-Ghaffar
& Khalifa, 1992; Tuladhar et al., 1995). Caetano et al. (2000a, 2000b) compared the
numerical modal analysis results for these two discretization systems with experimental

modal analysis results. They concluded that OECS simplified the model and neglected
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the local cable vibrations, hence significantly reducing model complexity. Meanwhile,
MECS induced several closely spaced local modes for the cables, which increased model
complexity. In addition, the first frequency of the cables was much larger than the global
fundamental frequency of cable-stayed bridges. As a conclusion, the two cable
discretization systems showed no substantial difference in results and had a close
correlation with the experimental results. Later, Caetano (2007) performed a sensitivity
analysis on the minimum required number of cable elements for the Vasco da Gama
Bridge. It concluded that 9 elements per cable is the optimum number for discretization
in order to find the first three local vibration modes of the cables with maximum of 5%

error even for the longest cable of 226 m.

A number of research works have been conducted to find the required number of
discretization elements of the cables to create an accurate model for the seismic response
of cable-stayed bridges (Abdel-Ghaffar & Khalifa, 1992; Au et al., 2001; Ko et al., 2001,
Tuladhar et al., 1995). According to the outcome of these research works, it is
recommended to discretize cables for multiple elements for the seismic analysis of
bridges. Ni et al. (2000) elaborated that multiple cable discretization is applicable for
longer cables (about 465 m). For shorter stay cables, one element per cable was sufficient

to obtain the modal parameters of the Ting Kau Bridge.

If broadband excitation oscillates the bridge, then the cable-structure interaction is
beneficial in reducing the seismic forces to the cable-stayed bridge. However, if the bridge
is excited by a narrow-band earthquake, the cable-structure interaction may increase the
seismic responses. The local cable vibration effects on the global response of cable-stayed
bridges have been investigated widely. Several control devices have been used to control

the vibration induced by rain and wind as well as to help enhance the seismic response of
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bridges. These control devices improve system damping by about 0.05% to 4% and also

improve the energy dissipation of the bridge (Abdel-Ghaffar & Khalifa, 1992).

2.3.2

Damping

In general, cable-stayed bridges demonstrate low structural damping, whereas the

standard assumed value of critical damping (¢) of 5% falls on the unsafe side (Kawashima

& Unjoh, 1991). Damping estimation is important for structures but is complicated, as

structural damping depends on the relative damping of all constitutive elements (cables,

deck and towers) as well as on their interaction with each other and their configuration.

Generally, three procedures can be used to account for structural damping:

il.

By considering the realistic representation of the sources of nonlinearity in the
structure, which may develop under seismic loads; this is one of the most precise
methods that considers energy dissipation during earthquake loadings, which
develop nonlinearities. The Rayleigh or Caughey damping theory is used in this
method to decompose the structural damping.

By performing dynamic modal analysis; each vibration mode is associated with
different damping, and prior modal analysis is essential to find the frequency
range with the most significant contribution to the dynamic response. Damping
values of 2 to 5% are usually adopted, while higher damping values are associated
with higher modes whose participation is negligible and may cause instability
during numerical analysis. Yamaguchi and Furukawa (2004) concluded that
Rayleigh (or Caughey) damping is inappropriate in the seismic analysis of the
Yokohama Bay cable-stayed bridge (Japan) due to the special connection between

the deck and towers.
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1ii. By considering a constant fraction of the critical damping for all modes of
vibration (£.= 2 to 5%); this procedure has been deployed by many researchers

and also in design codes (Ali & Abdel-Ghaffar, 1995; Morgenthal, 1999).

Kawashima and Unjoh (1991) concluded that the vibration mode highly affects
damping, as each element is excited based on the mode shape. Moreover, damping
depends on the velocity of wave propagation, modal coupling and foundation size, among
other parameters. In addition, damping is strongly governed by the amplitude of ground
excitation as well as cable-system arrangement. The harp cable arrangement demonstrates
higher damping values than the fan cable arrangement in the longitudinal direction

(Siringoringo & Fujino, 2006).

2.3.2.1 Damping mechanisms of cable-stayed bridges
Walker (2009) did a practical revision of the sources of damping in cable-stayed

bridges, and the concluding outcomes are as follows:

(a) Structural damping

In general, the materials in structures are able to dissipate energy owing to their
hysteresis loops that may reach elastic limits. Nonetheless, structural damping increases
significantly beyond the plastic limit and dominates the energy dissipation of the bridge.
Structural damping depends on the vibration amplitude and is unaffected by frequency

(Chopra, 2014).

(b) Friction at bearings

Damping is produced by the bearings when the deck and abutments experience relative
movements. The bearings, such as sliding and rubber bearings, dissipate energy through
their hysteretic characteristics. This damping depends on the vibration mode and

amplitude.
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(¢c) Cable slippage in the cable-system
The internal slippage of wires in stays also dissipates energy if the threshold amplitude
exceeds the internal friction of the wires. Such damping depends on the vibration

amplitude and cable type.

(d) Foundation radiation damping
The subsoil condition and soil interaction with the foundation also cause energy
dissipation. This type of damping may be greater than the damping associated with

superstructures and it depends on the vibration mode.

(e} Aerodynamic damping

Superstructure vibrations are caused by the surrounding air, which provides resistance
proportional to the square of the relative velocity. Air damping is considered viscous
damping since it is rate-dependent. Air damping is naturally unsure in conventional cable-
stayed bridges due to the low air density, smaller superstructure contact area and the large

associated inertia forces involved in seismic movement.

() System damping

System damping is caused by the interaction between the towers, deck and cable
system. This source of damping dissipates a large amount of energy in classic cable-
stayed bridges when the vibration modes are associated with the deck and coupling effects

(Caetano et al., 2000b).

2.3.2.2 Practical simulation of damping sources
In practice, a constant viscous damping factor is considered in the design codes for
bridges and buildings. This is to avoid modeling uncertainties and also to be on the safe

side when obtaining a solution where the explained dissipation mechanisms are ignored.
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2.3.3 Dynamic analysis procedures

Several methods are available for the seismic analysis of structures subjected to
earthquake loadings. Depending on the structure type and source of nonlinearities, an
appropriate method should be deployed for seismic analysis. Very early seismic analysis
procedures for cable-stayed bridges were presented by Wethyavivorn and Fleming (1987)

and Abdel-Ghaffar (1991).

In this section, the different seismic analysis methods available are presented. The
classical procedure of solving dynamic problems was developed by Chopra (2014), where
the equation of motion for an N-degree of freedom structure under earthquake excitation

is:

[M]{i}+[C{uf+[ K] {w/=-[M] [n] X, } (2-6)

{u} = {xIDXZ”"xN}T (2-7)

Where /M], [C] and [K] are the mass, damping and stiffness matrices of the bridge,
respectively; {ii}, {1} and {u} are the bridge acceleration, velocity and displacement

vectors, respectively; parameter /7/ is the earthquake coefficient matrix; and { %,/ is the

earthquake acceleration vector.

2.3.3.1 Inelastic seismic analysis procedures
Several procedures are available to solve nonlinear dynamic problems, which are

explained from the more to less time-demanding procedures.

(a) Non-Linear Response History Analysis
Nonlinear Response History Analysis (NL-RHA) is a direct, step-by-step integrated

solving method that considers the tangential stiffness at each iteration to linearize the
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problem. Several algorithms are available to directly solve the coupled system, among

which the HHT scheme (Hilber et al., 1977) is the most commonly used.

NL-RHA is one of the most accurate methods of predicting the inelastic seismic
demand in a structure. The NL-RHA procedure fully takes into account the material and
geometric nonlinearities and has the capability of analyzing the effect of the seismic
control system in a structure. The mathematical model is able to adequately represent the
cyclic load-deformation of all constitutive elements in a structure (Bommer & Ruggeri,
2002; Chopra, 2014; Krawinkler & Seneviratna, 1998). Uncertainties arise when the
nonlinear cyclic behavior of materials and the interaction between them must be
described. Priestley et al. (1996) recommended direct nonlinear dynamics if only specific
aspects of the bridge design need to be evaluated. Moreover, the direct integration method
may be associated with larger phase errors, as the step-time ratio (4¢) increases with the
vibration period (7) as shown in Figure 2.5 (Hilber et al., 1977). This figure presents
phase errors in different integration methods; Houbolt; Wilson; Hilber - Hughes - Taylor

(HHT) with different numerical damping values o.; and Newmark.

0.5
04t Houbolt—__
0.3
e
i
C "
0.2+ Newmark
0.1 _ Hilber-Hughes
\ o =-0.3
S~ =-0.1
0 0.1 0.2 0.3 0.4

Figure 2.5: Relative phase error as a function of the step-time ratio and vibration

period (At=T) in several direct integration methods (Hilber et al., 1977)
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(b) Non-linear Static Procedures

Nonlinear Static Procedures (NSP) are known as pushover methods that recently have
gained great popularity (ATC-40, 1996; FEMA-273, 1997). The ultimate goal is to
estimate the nonlinear seismic response of the structures through static calculations. In
this procedure, the structure is pushed to the target displacement using load patterns that

represent the distribution of inertia forces.

These methodologies discover design weaknesses that may remain hidden in an elastic
analysis and significantly reduce computational cost (Krawinkler & Seneviratna, 1998).
For these reasons, several codes and guidelines recommend pushover analysis to
investigate the inelastic seismic response of structures (ATC-40, 1996; FEMA-356, 2000;
FEMA-440, 2005). The nonlinear response of a Multi-Degree of Freedom (MDOF)
structure is assumed to be the same as the response of an equivalent Single-Degree of
Freedom (SDOF) system that is controlled by a single mode and its shape remains

constant throughout the analysis (Krawinkler & Seneviratna, 1998).

2.3.3.2 Elastic seismic analysis procedures
Seismic analysis is extremely simplified if the forces on the stiffness component of the
structure are related to the deformation matrices through a linear elastic stiffness matrix

(fs = k u). Based on this assumption, the following producers are explained.

I. Modal Response History Analysis (MRHA):
Modal Response History Analysis (or modal dynamics) is based on the modal
superposition of the uncoupled equations of motion, when the behavior is elastic
(fs = ku) and if the damping matrix c is the classical damping; therefore, is able to
be decomposed. This damping property is achievable through the Rayleigh or

Caughey damping matrices. These assumptions remain in the analysis of the
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II.

structure in the elastic range and exclude the use of control devices except the
viscoelastic or viscous liquid dampers (Villaverde, 2009).

According to seismic code (e.g. Eurocode 8 (2004)), the number of modes
required for analysis is obtained when 90% of the total mass is participated. On
the contrary, cable-stayed bridges have a large number of flexible elements and
the mass of the tower close to the foundation level can be excited in higher-order
modes that exhibit a considerable percentage of the total mass. In cable-stayed
bridges, exceeding 70 to 80% of the modal participation without including a great
number of vibration modes is complicated (Morgenthal, 1999). The Ritz vector or
subspace iteration procedures are used to compute the modes.

Modal Response Spectrum Analysis (MRSA):

Response spectrum analysis directly finds the peak response of each considered
SDOF through the design spectrum of a given earthquake. MRSA provides the
results with no approximation. However, it does not offer the instant structural
response during an earthquake and it only gives the structure’s global response.
Walker (2009) reviewed the different existing combination rules and evaluated
them in the seismic analysis of cable-stayed bridges. Walker concluded that the
Complete Quadratic Combination (CQC) (Kiureghian, 1980) approach is the most
adequate modal combination method for cable-stayed bridges due to the strong
modal coupling capability of this method.

Ren and Obata (1999) investigated the inelastic seismic behavior of a cable-stayed
bridge and concluded that nonlinearities can be neglected even for strong
earthquakes. They found that the linear analysis was correct, but the superposition
principle was inappropriate because of the complexity of the dynamic coupling of

cable-stayed bridges.
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2.3.3.3 Recommended analysis procedure for cable-stayed bridges
It is recommended to use the step-by-step approach to study the seismic behavior of

cable-stayed bridges (Ren & Obata, 1999; Ren & Peng, 2005).

Step 1: Obtain the deformation of the bridge under its own weight through nonlinear

static analysis.

Step 2: Perform modal analysis starting from nonlinear static analysis and extract the

modal parameters.

Step 3: Carry out nonlinear seismic analysis following Step 2.

2.3.4  Seismic response of the towers

Casado (2011) studied the effects of different factors on the elastic and inelastic
seismic responses of towers, such as: (a) damping associated with the tower, (b)
longitudinal and transverse shapes of the tower (geometry consideration), (c) earthquake
characteristics, (d) imperfections in the steel tower construction, (e) cable arrangement,
(f) soil-structure interaction, (g) types of deck-tower connection, and (h) tower materials,

particularly concrete.

23.5 Deck-Tower and deck-piers connections

The dynamic response of cable-stayed bridges depends remarkably on how the deck
is connected with the tower and piers (abutments). The three possible connections
between the deck and tower are: 1) rigid connection, ii) movable connection and iii)
intermediate connection, which can limit the movement (e.g. dampers) (Calvi et al., 2010;
Hui Li et al., 2009; Sharabash & Andrawes, 2009). Investigations have shown that a rigid
connection between the deck and towers results in damage concentration at the towers
when the bridge is subjected to horizontal component of earthquake (Hui Li et al., 2009).

Meanwhile, the floating or movable system increases the deck displacement under
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seismic excitations (Sharabash & Andrawes, 2009). On the other hand, the intermediate

solution exhibits enhanced seismic response to earthquake accelerations (Calvi et al.,

2010).

2.3.6  Soil-structure interaction

The soli-structure interaction plays an important role during earthquakes. Earthquake
signals differ in terms of amplitude, frequency and duration. The effect of the soil-
structure interaction becomes more significant if the foundation soil is classified as soft
and its characteristic frequencies are close to the dominating bridge modes (Zheng &

Takeda, 1995). When the soil is classified as rock, the foundation is considered rigid.

In modeling the soil-structure interaction, a large area of the soil surrounding the
foundation is discretized in the numerical model or by using contour finite elements that
prevents the rebound of the waves in the borders of the model. The most common practice
in soil-structure interaction modeling is to model the soil by using a series of springs and
dashpots with the corresponding degrees of freedom and characteristics of each soil layer.
Zheng and Takeda (1995) showed that springs are able to simulate the effect of the
surrounding soil accurately when its movement governing frequency is low displacement.
However, when the movement frequency is higher, the model is less accurate. It can be
concluded that mass-spring modeling is an appropriate approach of modeling the subsoil

stiffness for flexible structures like cable-stayed bridges (Morgenthal, 1999).

Abdel-Raheem and Hayashikawa (2003) proved that the nonlinear seismic behavior
of soil and its interaction with the cable-stayed bridge cause a reduction in the tower’s
seismic demands. On the other hand, Fan et al. (1994) indicated that the soil-structure
interaction might increase the seismic force and displacement of the tower more than a
stiff foundation model and specifically for cable-stayed bridges with floating systems.

Furthermore, cable-stayed bridges are considered lightweight flexible structures that
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eventually cause the reduction in seismic force transmitted from the bridge to the
foundation during an earthquake. Therefore, as it is justified in this section, the soil-
structure interaction is neglected in the current study (Clough & Penzien, 1993; Walker,

2009).

2.3.7  Seismic behavior of multiple-span cable-stayed bridges

Tuladhar et al. (1995) investigated the boundary conditions as well as the number of
spans required to represent an entire multi-span cable-stayed bridge for analysis.
Morgenthal (1999) analyzed the seismic response of the Rion-Antirion Bridge that has
four towers. The conceptual design of continuous cable-stayed bridges with three pylons
was studied by Virlogeux (2001), who considered two configurations to reduce the
longitudinal displacement of the tower (Figure 2.6). Furthermore, several researchers
have studied the seismic response of Ting Kau bridge with three towers and diagonal

stabilization cables (Ko et al., 2001; Ni et al., 2000).

Okamoto and Nakamura (2011) studied the static and seismic behavior of hybrid
towers in multi-span cable-stayed bridges considering different types of deck-tower
connections. The focus of this specific study was on the connection and performance of
the hybrid tower. Zong et al. (2014) performed a shaking table test on the Wuhan Erqi
Yangtze river multi-span bridge. The scaled cable-stayed bridge was subjected to multi-
support excitation and then numerical analysis was conducted for result consistency. The
progressive failure of the bridge according to the shaking table test was updated in the
numerical model. The numerical model may be used as a benchmark for further seismic

control and investigations.
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b)

Figure 2.6: a) Diagonal and b) intersected cables stiffening in multiple-span cable-

stayed bridges (Virlogeux, 2001)

24 Comparison of capacity design with mitigation design

In general, there are three methods of designing structures against seismic actions as

follows:

1.

The structure is designed to remain in the elastic range during seismic events.
With this method the sections are considerably large, leading to higher
construction costs. It is thus discouraged in current codes of practice. This
method is not discussed further because the scope of this research regards
existing cable-stayed bridges.

Certain structure members (members with high likelihood of plastic hinge
formation) are designed for sufficient ductility. In these members, controlled
damage occurs and the seismic energy is dissipated through hysteresis cycles.
This method is called a capacity design, whereby the designer avoids the
seismic demands from the most crucial members like the deck.

The third method is mitigation design. With this method, seismic devices are

designed and used to reduce the seismic demands on structures.
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A summary of structure capacity and mitigation designs is presented in Figure 2.7. In
capacity design, the ductility of sections where the formation of plastic hinges is expected
should be high enough to withstand seismic demands. In concrete structures, the required
ductility is achieved by providing longitudinal and transverse reinforcements in such

areas that require higher confinement.

Seismic Design

[ Mitigation ]< J Capacity ]

design J 1 design

| |
v v v v

.Seisnfric .E'?erg?’ Permanent Temporal
isolation dissipation

[ Elastomeric ] Isolation + Structural Seismic

bearing Damping Ry design connectors

Figure 2.7: Summary of control strategies in the seismic design of structures with few

seismic devices (Huber & Medeot, 2005)

Nowadays, seismic mitigation is a common design practice for cable-stayed bridges in
seismic zones. The reason is that towers mostly remain in the elastic range during
earthquakes and it is favorable since towers have an important role in the global response
of bridges. Seismic devices reduce the seismic demands on structures and can be easily
repaired or replaced, unlike the tower sections. Mitigation design causes a reduction in
the size of members that remain in the elastic range and are subjected to strong
earthquakes. As discussed earlier, cable-stayed bridges are associated with low structural
damping; therefore, adding seismic energy dissipaters is beneficial in increasing the
structural damping. The following sections briefly explain the key aspects of mitigation

design.
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2.5 Mitigation design

Two objectives are achievable with the mitigation design. The first objective is to
lengthen the fundamental time periods of a structure that reduces the associated spectral
accelerations. The second objective is to increase the dissipation capability by means of
added damping. Figure 2.8 shows a design acceleration spectrum in the acceleration-
displacement response spectrum (ADRS) in order to visualize these two effects. As the
period is lengthened from 7y to 7y, the spectral acceleration decreases while the spectral
displacement remains constant If the vibration period is greater than 7p= 2 Sec. When
the vibration period is slightly below 7p, its increment assumes moderate acceleration
reductions and large displacements. Regardless of the type of result and the governing
vibration period, damping increments always cause reductions in seismic response, but
the effectiveness drops beyond certain damping increment levels, as shown in Figure 2.8

(when the damping changes from &= 4% to 15% and 30%)).

Figure 2.8: Mitigation design objectives ([ 1] fundamental period elongation and [2]

damping increment) recommended by Eurocode 8 (2004)

Based on these objectives, seismic devices are developed in attempts to achieve one

or both effects at the same time. Thus, seismic devices are classified as:
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e Seismic isolation devices: elongate the fundamental period of structures. For
instance, the laminated Rubber Bearings (RB) is one of the most practical
seismic isolators on the market.

e Dampers: add damping to the structure and dissipate seismic energy through
various methods, such as metallic dampers.

e Seismic isolation plus damping devices: elongate the fundamental period of
structures as well as add damping to structures. Lead-Rubber Bearings (LRB),
High-Damping Rubber Bearings (HDR) and Frictional Pendulum Systems
(FPS) are the most common seismic isolation plus damping devices used in

structures.

Furthermore, these seismic devices are divided into three major groups:

e Passive control systems dissipate seismic energy without any external energy
source. These are the most practical seismic devices because they are robust,
reliable and economical.

e Active control systems require external energy sources to dissipate seismic
energy. When an earthquake is happening, the sensors detect ground motions
and the actuators induce additional energy through the designed algorithms in
the opposite direction, which may compromise structure stability.

e Semi-active control systems required small external sources of energy unlike
active control systems, and do not compromise structure stability, as they do

not add any external energy to the structure.

Ghaedi et al. (2017) and Saaed et al. (2013) reviewed developments in vibration
control systems for civil structures based on the passive, active and semi-active

classification.
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2.5.1 Seismic isolation

Seismic isolation is an approach to reduce the seismic force to, or near the elastic
capacity of the structure members, thereby eliminating inelastic deformation. The main
aim of utilizing an isolation system is to decrease the fundamental frequency of structural
vibration to a value lower than the predominant energy—containing frequency of an
earthquake. Broadly speaking, the performance criteria of isolated bridges in earthquake
design may be specified by the bridge owner: (i) the displacement ductility demand
reduction in columns to keep the bridge open for emergency vehicles after the earthquake,
(i1) to keep the bridge response fully elastic, (iii) for an existing bridge there should not
be any impacts at the abutments and there should be minimum or zero ductility demand
in the columns, and (iv) the reduction of substructure forces in case the bridge is located

on weak soil to lower the foundation cost.

A number of seismic isolator devices have been introduced by different authors, such
as the partially bonded fiber-reinforced elastomeric isolator (PB-FREI), carbon FRP-
elastomeric 1solator and the roll-n-cage (RNC) isolator (Dezfuli & Alam, 2013; Engelen
etal., 2011; Ismail et al., 2010). Nonetheless, in practice only few isolation systems have

been used in structures, which are discussed in the following section.

2.5.1.1 High damping rubber bearing

The high damping rubber bearing (HDRB) was proposed by Simo and Kelly in 1984.
It is made of steel and rubber plates placed in alternate layers as shown in Figure 2.9. In
general, the HDRB has high damping capacity, high vertical stiffness and horizontal
flexibility. The damping constant of the system varies considerably with the strain level
of the bearing (generally in the order of 10%). The HDRB decouples the structure from

the horizontal components of ground motion by interposing a layer of low horizontal
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stiffness between the superstructure and substructure. These devices are resistant to

environmental effects and can be easily manufactured.

Steel plate

Cover rubber

Internal rubber layer
Reinforcing steel
plates

Steel plate

Figure 2.9: Schematic view of high damping rubber bearing

2.5.1.2 Lead-rubber bearing

The lead-rubber bearing (LRB) was invented by Robinson and Tucker (1977) in New
Zealand. The LRB benefits from the combined features of vertical load support,
horizontal flexibility and restoration, and damping capabilities (Skinner et al., 1974). As
shown in Figure 2.10, such seismic isolator is developed based on the rubber bearings but
has a central lead core that provides an additional means of energy dissipation. The LRB
also has energy-absorbing capacity through the additional hysteretic damping in lead core
yielding that reduces the isolator’s lateral displacements, especially under ambient

vibrations.

Ijead core

——Steel plate

Cover rubber

Internal rubber layer
Reinforcing steel
plates

Steel plate

Figure 2.10: Schematic view of lead-rubber bearing

2.5.1.3 Friction pendulum system
Sliding isolation devices are among the most popular and effective seismic isolators.

Sliding systems exhibit excellent performance under a variety of severe earthquake
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loadings and are very effective in reducing large superstructure acceleration. Friction
Pendulum System (FPS) is characterized by insensitivity to the frequency content of
earthquake excitation owing to the sliding system’s tendency to reduce and spread the
earthquake energy over a wide range of frequencies. Another advantage of sliding
isolation systems over the conventional rubber bearing is that because of frictional force
development at the base, it is proportional to the structure mass, and the center of the mass
and center of resistance of the sliding support coincide. Consequently, the torsional
effects produced by a typical asymmetric structure are diminished. The concept of sliding
bearings has been combined with the concept of a pendulum type response, resulting in a
conceptually interesting seismic isolation system known as the friction pendulum system
(FPS) as shown in Figure 2.11. In FPS, isolation is achieved by means of an articulated
slider on a spherical, concave chrome surface (Zayas et al., 1990). The slider is faced with
a bearing material, which, once in contact with the polished chrome surface, results in
friction force development. The concave surface produces a restoring force proportional
to its radius. The FPS develops a lateral force equal to the combination of the mobilized
frictional force and the restoring force developed due to the rising of the structure along

the spherical concave surface.

Self lubricating Concave plate
Bearing material

WLy

Circular Retainer

] 2 % I'
VIA7771 7777727/ s
Stainless steel / [Articulatcd \ Housing plate
concave surface slider

Figure 2.11: Schematic view of friction pendulum system

2.5.2 Passive energy dissipaters
This section describe the passive energy dissipation technology applied in structures.

Over the past few decades, many dampers have been proposed and implemented in
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various types of structures. Passive dampers are generally divided into four categories
(Villaverde, 2009): (i) yielding metallic dampers, (ii) viscoelastic dampers, (iii) friction
dampers and (iv) tuned dampers. It should be noted that the emphasis of this thesis is on
yielding metallic dampers, to which this section is devoted. Nonetheless, a short

description of other dampers are also provided.

Friction dampers (FD) dissipate kinetic energy through the sliding of surfaces with
high friction coefficients. More than 30 years of experience and the large number of
buildings equipped with these devices guarantee their incorporation. However, the
difficulty to maintain their properties over long time intervals is also well-known due to
the corrosion of metallic surfaces and normal load relaxation (Soong & Dargush, 1997;

Villaverde, 2009).

Viscoelastic (VE) dampers use the phase-lag between the shear strain and
corresponding stress in viscoelastic materials to dissipate energy. VE dampers have been
successfully deployed to reduce the dynamic vibrations of buildings due to wind loads
and have good re-centering capability. For seismic applications, the viscoelastic material
stiffness should be significantly higher. Furthermore, the energy of earthquakes is usually
spread over a wider range of frequencies and the remarkable dependency of VE dampers
on frequency could be clearly a problem, besides the influence of ambient temperature on

their performance (Soong & Dargush, 1997).

The biggest drawback of friction and viscoelastic dampers is the age-problems. The
operation of these dampers is affected by adverse environmental conditions, especially in

the case of bridges. Hence, these dampers must be inspected regularly.

Tuned mass dampers (TMD) are very appealing in controlling the dynamic response

of a structure. The number of bridges equipped with these devices is expected to rise
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considerably in the near future. With this control strategy, some structural vibrational
energy is transferred to the tuned dampers, which simply oscillate elastically (linearly or
nonlinearly). The tuned liquid damper (TLD) operates with the same principle as the

TMD. There are two types of TLD: dampers based on sloshing liquids and column TLDs.

Nonetheless, the broad frequency content of earthquake excitation (far different than
harmonic loads), besides detuning due to inelastic demand and consequent vibration
period elongation, may be detrimental to tuned damper performance. These are key
drawbacks that question their use as passive systems for the seismic control of a structure
under large earthquakes. However, several research works have suggested that strong
ground shaking and significant modifications of natural periods do not lead to
inadmissible reductions in the effectiveness of TMD (Pinkaew et al., 2003). In principle,
structures governed by one vibration mode are good candidates for control by tuned
dampers that are properly adjusted to this frequency. However, cable-stayed bridges
involve complex modal couplings and several modes contribute significantly to their

response.

2,53 Metallic dampers

The Metallic dampers (MD) dissipate energy through inelastic deformation of the
metal material. The advantages of metallic dampers over active and semi-active dampers
are stable hysteretic behavior, rate independence, resistance against ambient temperature,
reliable with good fatigue life and finally, material behavior that is familiar to practicing
engineers. As one of the objectives of this thesis is to develop a new metallic damper for
mitigating the seismic demands on civil structures, this section is devoted to the

classification, behavior and application of metallic dampers.
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2.5.3.1 Hysteresis behaviour of metallic dampers

Since metal materials have nonlinear behavior, the hysteretic behavior of metallic
materials is advantageous in dissipating dynamic energy, especially in linear systems.
This section briefly describes how metal materials behave under cyclic loadings. The
metallic material under static loading is plasticized when the stress level exceeds the
elastic limit (o) and thereafter enters the stress hardening phase if subjected to larger
stresses. Under cyclic loadings, the elastic modulus (E) of the material recovers as the
material unloads. If a load is applied in the opposite direction, the material begins to yield
and soften at a lower stress level than the yield stress, which is known as the Bauschinger
effect (Bannantine et al., 1990). The hysteretic behavior of the material continues as long
as the strain does not exceed the yield plateau and the maximum positive and negative
stresses remain within the yield stress (+oy). The material follows the initial elastic
stiffness even after unloading from the stresses higher than the yield plateau. The
Bauschinger effect becomes more dramatic as the material tends toward maximum strain.
The metal material promotes a certain post-yield stiffness and the yield plateau disappears
during this range of cyclic loading. General schematic hysteresis loops of metallic
materials are shown in Figure 2.12(a) (Azevedo & Calado, 1994). However, the hysteretic
behavior may slightly differ depending on the geometry of the metallic damper. The
hysteresis trends of metals, such as steel, aluminum, lead and copper are similar. The
stress-strain relationship of steel material is often simplified as a bilinear or trilinear
elastoplastic model. The shape memory alloy (SMA) hysteretic behavior is slightly
different from other metal materials. The hysteresis loops of SMA are shown in Figure
2.12(b). SMA exhibits two different behaviors based on the material temperature relative
to its austenitic finish temperature, Ar (Miller & Doh, 2014). As the temperature rises
above Ay, the strains obtained during loading recover after unloading. During this process,

a significant amount of energy dissipates without any sign of residual strains, which is
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called superelasticity. The residual strains remain after unloading if the material
temperature is below Ay and thereafter the residual strains recover if the material reheats

again. This effect is known as the shape memory effect.

a) b)
Figure 2.12: Idealized Hysteresis behavior of a) metallic and b) SMA materials

2.5.3.2 Classification of metallic dampers:

The damping mechanism and performance of metallic dampers are greatly dependent
on the constitutive material, such as steel, aluminum, copper, etc. Therefore, metallic
dampers are classified according to their constitutive material into the following

categories.

(a) Steel dampers

The very first steel dampers were proposed by Kelly et al. in the early 1970s (Kelly et
al., 1972). Thereafter, the U-strip damper, torsional beam damper, flexural beam damper
and single-axis damper were developed and tested for implementation in structures as
shown in Figure 2.13(a-d) (Skinner et al., 1974). The U-strip damper consists of a U-
shape steel strip placed between the moving plates (Figure 2.13(a)). The U-strip damper
is deformed in one direction, thus exhibiting large deformation in the elastic range. The
torsional beam damper is made of a square or rectangular plate with fixed ends, whereby
the middle segment is subjected to the predominating torsional and flexural movements

(Figure 2.13(b)). The torsional beam damper has high load-bearing capacity and may be
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implemented at the base of structures to prevent structural uplifting caused by severe
earthquakes. In contrast, the flexural beam damper is slightly more complex. The main
part of the damper is a square or circular section anchored at the bottom and top, allowing
rotation and movement (Figure 2.13(c)). This damper is robust and dissipates seismic
loads bidirectionally. The single-axis beam damper is made of a wide beam with high
loading capacity (Figure 2.13(d)). Two or more beams may be used together to form a

compact damper, which is suitable for the diagonal element of flexible frame structures.

The tapered-steel energy dissipation device was suggested by Tyler (1978b). This
device is comprised of a taper-shaped round steel bar or steel plate welded to the
anchorage plate at the base to form a cantilever (Figure 2.13(¢e)). The device dissipates
energy, taking advantage of the steel material’s plastic deformation. Pinelli et al. (1993)
proposed a different type of steel damper based on a steel tube. The proposed device is
made of a rectangular steel tube cut into a taper shape at two sides, such that the stresses

distribute uniformly along the tapered section of the tube (Figure 2.13(f)).

d) e) f)
Figure 2.13: a) U-Shaped steel, b) Torsional beam, c) Flexural beam, d) Single-axis e)

Tapered cantilever and f) Taper Tube dampers
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The buckling-restrained brace (BRB) is another type of steel damper that was initially
introduced by Takeda et al. in 1976. As shown in Figure 2.14(a), the BRB entails
conventional bracing (as the core) encased with a square, hollow steel section filled with
mortar material. The steel core sustains axial loads while the infilled material eliminates
the shear transfer under compression loading to the outer tube. The BRB was further
developed with different core configurations, like circular core (CBRB), cross and
crosswise core and linear core (Figure 2.14(c)) (Black et al., 2004; Wada et al., 1989).
These have been implemented extensively worldwide, especially in Japan and the United
States since 1987 (Black et al., 2002). For instance, Black et al. (2004) conducted
comprehensive testing on BRB and concluded that the BRB is a more reliable and
practical alternative than conventional bracing systems. Due to the key concerns with
BRBs such as inconsistent material behavior, low-cycle fatigue life and steel core
geometric imperfections, Zhao et al. (2011) introduced another BRB device called the
angle buckling-restrained brace (ABRB), as depicted in Figure 2.14(b). The ABRB
consists of four angled steel plates welded together at the ends with stiffeners and
connectors. Two other angle plates are welded together around the four angle plates to
form a square tube. ABRB failure has been observed at the welded ends of the angle
plates. Furthermore, it was designed such that the steel core would remain in the elastic
range during rapid loadings. Hao et al. (2014) developed the H-type steel unbuckling
brace (SUB) consisting of a steel plate core confided in steel element. The end of the steel
core plate is connected to Phillips shaped steel plates as shown in Figure 2.14(d). The
confiding element prevents steel core buckling under compression and tension loadings.
The SUB damper controls structural displacement by adding stiffness to the frame system.
Recently, Dongbin et al. (2016) proposed a new type of BRB damper with a circular core
configuration (CBRB). The damper is composed of three circular steel tubes, where the

core tube with slotted holes is restrained by the inner and outer tubes against any out-of-
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plane buckling deformation. The restrained tubes are spot welded in the middle to the

core tube. CBRB is relatively lighter than existing conventional BRBs.

Figure 2.14: Schematic views of a) BRB, b) ARBRB (Zhao et al., 2011), c) different

BRB core configurations and d) SUB (X.-Y. Hao et al., 2014)

A very famous metallic damper, the added damping and stiffness (ADAS) device, was
proposed by Bergman (1987). ADAS consists of X-shaped steel plates connected in
parallel to base plate using bolts that add extra damping and stiffness to the structure
(Figure 2.15(a)). Afterwards, Tsai et al. (1993) developed the triangular-plate added
damping and stiffness (TADAS) device based on the ADAS concept. The TADAS
mechanism is similar to ADAS, whereby several triangular steel shaped plates are welded
in parallel to the base plate and the narrow end is locked to another plate with bolts (Figure
2.15(b)). Both ADAS and TADAS dampers are suggested for moment resistant frames
to increase the damping and stiffness of the structures. Shih et al. (Shih et al., 2004; Shih
& Sung, 2005) developed a rhombic ADAS damper using low yield strength steel with
hinge supports at both ends (Figure 2.15(c)). The hinge supports eliminate unfavorable
axial forces on the plate. The strain hardening quality of low yield strength steel helps
control the problem of local fractures in the damper. In addition, the mechanical

properties of low yield strength steel reduce the yield displacement and enhance the
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energy dissipation capability and ductility of the damper (Han et al., 2014). Damper

symmetry also reduces the effects of welding on the performance of the damper.

Li and Li (2007) introduced the dual function damper with three different geometries:
single round-hole, X-shaped and double X-shaped metallic dampers as illustrated in
Figure 2.15 (d-f). Dual function dampers are a type of ADAS. The single round-hole
metallic damper is made of a hollow circular cross-section in the middle of an X-shaped
steel plate, whereas the X-plate damper has a narrower section in the middle of the X-
plate. The dual X-shaped damper consists of two Xs placed in series. The load is applied
parallel to a round-hole damper and perpendicular to X-shaped and double X-shaped
dampers. The slit steel damper (SSD) was invented by Chan and Albermani (2008) and
was subsequently developed by several others researchers (Ghabraie et al., 2010;
Hedayat, 2015; Jie et al., 2015; Karavasilis et al., 2012). The SSD is made of a standard
structural wide-flange section with several slits cut in the web section as shown in Figure
2.15 (g). The slits are rounded at the ends to prevent stress concertation during seismic
events. The device can be connected to the primary structure using bolts, therefore
preventing uncertainties associated with welding. The first suggested installation of the
SSD was in an inverted V-brace system. Oh et al. (2009) tested the SSD performance at
the beam-column connection of steel structures and found significant enhancement in the

seismic performance of the connection.

Garivani et al. (2016) introduced the comb-teeth damper (CTD) for use in chevron
bracing systems. As Figure 2.15(h) illustrates, the CTD is made of a steel plate cut in the
shape of comb teeth. The top and bottom parts of the CTD damper are connected to a
frame with bolts. A CTD subjected to in-plane flexural deformation dissipates energy
through the yielding of the comb teeth. The CTD has shown out-of-plane behavior during

experimental tests, which was eliminated by enlarging the CTD plate thickness. Fan et al.
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(2016) took advantage of low yield strength steel and developed a new two-stage energy
dissipation device, as depicted in Figure 2.15(i). The device is composed of several
parabola openings in the steel plate. The plate is welded to the top and bottom anchorage
plates. The device dissipates energy through shear deformation of the plate inflection
points. Wang and Chien (2009) presented a device based on bent steel strips, as shown in
Figure 2.15(j). The device consists of two pre-bent steel strips bolted to connectors. The
device is loaded axially and the strips are subjected to buckling deformation. The force-
displacement hysteresis loops of a pre-bent steel strip damper found to be asymmetric.
Nonetheless, symmetric hysteresis behavior is achieved when pre-bent steel strip dampers
are coupled. Hsu and Halim (2017) proposed a steel curved damper for moment-resisting
frames. The damper has a curve shape and is made from steel plates (Figure 2.15(k)). The
damper’s performance was tested in a beam-to-column connection. The lateral movement
generated eccentricity to the curved damper, thereby increasing the lateral stiffness of the

beam-column connection.

a) ADAS b) TADAS ¢) Rhombic d) Single round-hole

e) X-Shaped f) Double X-shaped g) Slit h) Comb-teeth

Figure 2.15: Steel plate-based dampers
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1) Parabolic j) Pre-bent strips k) Curved steel dampers

Figure 2.15, Continued

Nakashima et al. (1994) proposed the shear panel damper (SPD), which contains a
steel plate welded to top and bottom plates (Figure 2.16(a)). The SPD has large energy
dissipation capacity. Abebe et al. (2015) pointed out the failure modes of the SPD, i.e.
failure at the shear panel center, failure at the shear panel corners and flange weld failure.
Chen et al. (2005, 2006) enhanced the SPD performance by adding a stiffener. The
stiffened shear panel damper (SSPD) illustrated in Figure 2.16(b) is made of a shear panel
with horizontal and vertical stiffeners. The stiffness of SSPD is relatively higher than
conventional SPDs, as it promotes large deformation with no signs of pinching and
strength degradation. Subsequently, Zhang et al. (2012) improved the SPD performance
using low yield strength steel. In addition, the shape optimization method was used to
optimize the damper’s dissipation performance (Deng et al., 2014). Chan et al. (2008)
proposed the yielding shear panel device (YSPD). This device is made of a thin steel plate
welded inside a short segment of square hollow steel (Figure 2.16(c)). YSPD is subjected
to in-plane loading and the steel plate undergoes shear deformation to harvest the induced
energy. Moreover, Chan et al. (2013) proposed another damper called the perforated
yielding shear panel device (PYSPD). This is a modified version of YSPD as the thin
steel plate has a number of circular holes. The undesirable local deformation in the YSPD

corners can be eliminated by perforating the steel plate in PYSPD.
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Sahoo et al. (2015) used a combination of the X-plate and SPD to innovate a new
energy dissipating device known as the shear-and-flexural yielding damper (SAFYD).
This damper consists of a shear steel plate at the center and two X-shaped steel plates on
both ends, as illustrated in Figure 2.16(d). The damper energy dissipation mechanism is
a combination of the flexural deformation of the X-plates and the shear deformation of
the web plate. Consequently, great lateral strength and stiffness are exhibited in SAFYD.
Deng et al. (2015) proposed another type of SPD, namely the buckling restrained shear
panel damper (BRSPD), which is made of a steel shear panel restrained by two plates
(Figure 2.16(e)). The restrained plates sandwich the shear panels by means of bolts to

reduce out-of-plane buckling deformation of the shear panels.

d) e)
Figure 2.16: Steel shear panel-based dampers. a) SPD, b) SSPD, ¢) YSPD, d) SAFYD

and e) BRSPD (Deng et al., 2015)

The J-damper, made of four J-shaped plates and arranged as shown in Figure 2.17(a),
was invited by Kato et al. (2005). All J-shaped plates are bolted to a plate in the middle
with roller supports at the pate’s end. The damper dissipation mechanism is based on the

roll-bending movement of the steel plates that work effectively under large deformation
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due to the plates’ shape. Deng et al. (2013) developed the crawler steel damper that
benefits from U-shaped steel plates. The damper contains two U-shaped steel plates
facing each other and clamped between two connection plates. The plate arrangement, as
illustrated in Figure 2.17(b), prevents stress concentration in one plate, hence
substantially improving the damper performance during low cycle fatigue loadings.
Subsequently, the damper’s dissipation capacity is mostly dominated by the U-shaped
plates’ height and thickness. The steel cushion was introduced as an energy harvesting
device in chevron bracing systems (Ozkaynak, 2017). As Figure 2.17(c) demonstrates,
the cushion is a cushion-shaped steel plate bolted to the primary structure. The device
undergoes in-plane shear deformation to dissipate energy and has a high displacement

capacity under low to moderate earthquake loads.

¢)

Figure 2.17: Detailing of a) J-damper, b) Crawler damper and ¢) Cushion damper

The tube-in-tube damper (TITD) was invented by Benavent-Climent (2010). The
concept of TITD is inspired from BRB and SSD and was proposed for bracing systems.
The TITD consists of two concentric rectangular hollow sections inserted into each other.
The outer tube had several slit cuts. As Figure 2.18(a) demonstrates, the two tubes are
welded to a plug and fillet. The damper is loaded axially at the ends of the two tubes,

while the slit strips dissipate the load through plastic deformation. Furthermore,
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Benavent-Climent et al. (2015) took advantage of the structural I-beam or wide flange to
reduce the welding uncertainties in metallic dampers to develop another energy
dissipation device. The device comprises several short segments of I-beams placed in
parallel and bolted to two auxiliary elements (Figure 2.18(b)). The auxiliary elements are

subjected to axial loads in the brace system, while the web of [-beams is subjected to out-

of-plane bending.
Ist tube strip . slit 2nd tube axis of the brace damper
——E>» 777777777 B- eeo-o o) - 4- - b\ A0 N VR — -<:E-
< 5 — 000000C ). :
a) fillet weld ; t--plug weld
b)

Figure 2.18: Detailing of dampers proposed by Benavent-Climent (Benavent-Climent,

2010; Benavent-Climent et al., 2015)

The pipe damper (PD) is made of a short structural steel pipe segment placed
horizontally and welded to bottom and top plates. The PD was presented by Maleki and
Bagheri (2010a) and is shown in Figure 2.19(a). In addition, Maleki and Mahjoubi (2013)
also investigated the behavior of a dual-pipe damper (DPD). The DPD mechanism is
similar to PD, with two pipes welded to each other (Figure 2.19(b)). The DPD
demonstrates higher energy dissipation capacity than the PD. Thereafter, Maleki and
Mahjoubi (2014) used different infills to enhance the energy dissipation capability of the
PDP. Similarly, the infilled-pipe damper (IPD) has two pipe sections welded to two
smaller diameter concentric pipes. The gap between the two concentric pipes is filled with

lead or zinc materials, as presented in Figure 2.19(c). Two cover plates are bolted at the
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sides of the pipes to prevent the squeezing out of the infill materials during operation. The
plastic deformation of the inner and outer steel pipes as well as the infill materials is the
main IPD feature to mitigate the shear stresses caused by lateral forces. Consequently,
the IPD performance is significantly better than the PD and DPD. Franco et al. (2010)
proposed a torsional tube damper (TTD), which consists of a central tube of low-carbon
steel fixed at both ends and connected in the middle to a lever arm. The lever arm is
attached to the anchorage supports and rotates in a torsional manner (Figure 2.19(d)).
Thereby, the shear and bending loads are eliminated, ultimately leading to high
cumulative displacement and energy dissipation. Furthermore, Javanmardi et al. (2017)
presented a vertical pipe damper (VPD) made of a short vertical pipe segment welded to
two anchor plates (Figure 2.19(e)). The VPD is able to dissipate energy bidirectionally

and has greater ductility and energy dissipation capability than the PD and DPD.

d) e)
Figure 2.19: Schematic view of pipe-based dampers, a) PD, b) DPD, c) IPD, d) TTD

and e) VPD

The elastic-plastic steel damper (EPSD) is made of several E-shaped steel plates with
hinged ends and attached with pins to the connecting plate. The EPSD was developed by

Wang et al. (2012) and is depicted in Figure 2.20(a). The E-shaped plates can be arranged
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symmetrically either on both sides or only on one side of the connecting plate. The EPSD
dissipates shear force from the connecting plate through the pins to the E-shaped plates.
Yamazaki et al. (2016) proposed a novel buckling-restrained rippled plate damper
(BRRPD) for use in the event of large earthquakes. The BRRPD contains a rippled core
plate with two restraining plates on both sides (Figure 2.20(b)). The restraining steel
plates are bolted to the rippled core plate and the base plate. The governing factor in
BRRPD design is identified as the gap size between the core plate and restraining plates.
The device demonstrates two deformation modes: (i) expansion deformation and (ii) out-
of-plane global buckling deformation. The BRRPD has exhibited stable hysteretic

behavior and high-energy dissipation capacity in different experimental tests.

The accordion metallic damper (AMD) was developed based on the mechanism of
shock absorbers in the machinery industry (Motamedi & Nateghi-A., 2018). The AMD is
fabricated from a thin-wall accordion steel tube, both ends of which are welded to end
plates (Figure 2.20(c)). The axial load dissipates by plastic formation in the corrugated
tube. The AMD exhibits asymmetric hysteretic behavior, but symmetric behavior is
achieved when AMDs are coupled. Aghlara and Tahir (Aghlara & Tahir, 2018) invented
the bar-fuse damper (FBD), which is made of inner, outer and fuse parts (Figure 2.20(d)).
The outer part consists of a square steel tube, while the inner part comprises two C-
channels welded to each other with a middle plate. The middle plate and outer part have
several holes to accommodate the fuse bars. The steel bars are bolted to the inner and
outer parts. The FBD is loaded axially and dissipates energy through the plastic
deformation of the steel bars. The key feature of FBD is the easy replacement of the steel
bars after failure. Thereafter, Aghlara et al. (Aghlara et al., 2018) developed the pipe-fuse
damper (PFD) based on the FBD concept. PFD also consists of inner, outer and fuse parts

similar to FBD. However, in the fuse part, the steel bars are replaced with steel pipes.
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PFD also has the same energy dissipation mechanism as FBD, except PFD has higher

energy dissipation capability.

a) b)
=— - N Inner Part
‘Spmiet
® Outer Part
Fuse \\*
Bars ®

c) d)
Figure 2.20: Detailing of: a) EPSD (W. Hao et al., 2012), b) BRRPD (Yamazaki et al.,

2016) c) AMD and d) FBD (Aghlara & Tabhir, 2018)

(b) Aluminum damper:

Aluminum offers greater ductility and lower yielding displacement compared to mild
steel and low yield strength steel. Matteis et al. (2007, 2011) presented an energy
dissipating device based on pure aluminum with the same geometry as the YSPD. The
shear panel is used in the steel moment-resisting frame for lateral stability of the structure.
The device is made of thin aluminum plates to form a short H-section segment with
stiffeners as shown in Figure 2.21. The damper’s performance was tested in a frame

system through the shaking table test and it was proven that the device is perfectly capable
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of reducing the base shear, overturning moment and floor acceleration of the frame

structure (Rai et al., 2013).

Figure 2.21: The aluminum shear-yielding damper

(c) Lead dampers:

Engineers find lead a favorable dissipation material due to its unique characteristics,
including rapid recrystallization at room temperature and high cycle fatigue life. The first
lead dampers were introduced by Robinson and Greenbank (1976) with two different
configurations. As Figure 2.22(a) illustrates, the first damper is the constricted-tube
extrusion energy absorber, which contains two concentric cylinders. Lead is enclosed by
the inner cylinder, while the outer cylinder has an orifice around its mid-length. The inner
cylinder is separated by a thin lubricant layer for the movement of the piston within the
outer tube. The outer cylinder is fixed while the inner shaft is loaded axially. As the shaft
moves back and forth, the lead extrudes back and forth through the outer cylinder’s
orifice. Figure 2.22(b) shows the second lead damper configuration, named the bulged-
shaft extrusion energy absorber, which works with the same principle. The damper has a
central shaft with a bulge in the middle. The central shaft is surrounded by lead with
bearings at both sides to grip the lead in place. The bulge section extrudes the lead
material as the central piston is loaded. As the shaft moves in the tube, the lead extrudes
back and forth through the orifice formed by the bulge. Thereby, the energy dissipates
through the extrusion of the lead material, causing plastic deformation in the lead. Lead

dampers are dependent on operation temperature. Lead recrystallization occurs below
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20°C; hence, lead dampers are able to recover and recrystallize rapidly. Soydan et al.
(2014) tested the application of the extrusion damper in steel connections. The results
indicated that the restoring force of the connection significantly improved after damper
implementation. In addition, the connection displacement reduced substantially compared
to the bare connection. Curadelli and Riera (2007) developed the ringed-type lead
damper, as demonstrated in Figure 2.22(c). The damper consists of two concentric
cylinders. The inner cylinder has several lead ring sections attached to a shaft. As the
shaft end moves back and forth, the lead in the rings is subjected to shear and compressive
stresses. Plastic deformation occurs as the rings deform. Cheng et al. (2017) presented the
clapboard-type lead damper. The lead material is clamped between several steel slots, and
the slots are hinged to the top and bottom plates (Figure 2.22(d)). Two steel plates are
provided on the damper sides to prevent the squeezing out of the lead material during
seismic loading. Experimental and numerical studies have proven that the proposed
damper exhibits low yield displacement and excellent energy dissipation capability under

different types of dynamic loading.

a) Constricted-tube extrusion lead damper b) Bulged-shaft extrusion lead damper

¢) Ringed-type lead damper d) Clapboard-type extrusion lead damper

Figure 2.22: Lead dampers
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(d) Copper dampers

The characteristics of copper are high ductility, low yield capacity and corrosion
resistance. Copper in the shape of an hourglass was suggested as an energy dissipation
device by Llera et al. (2004) and Briones and Llera (2014). It can be seen in Figure 2.23
that the copper damper is highly dependent on the aspect ratio of its height to the middle
hourglass thickness. The copper damper is more efficient during non-impulsive ground
motions and less efficient when the structure enters the inelastic range. Copper dampers
have been analyzed experimentally and numerically to construct a constitutive model and

produced large numbers of fat hysteresis loops with low yield displacement.

a) b)

Figure 2.23: Copper dampers. a) Plate and b) Round hourglass dampers

(e} Shaped memory alloy dampers

Shape memory alloy (SMA) is effective in energy dissipation systems due to a number
of advantages, including superelasticity, shape memory effect, low and high fatigue life,
high damping, corrosion resistance, and young’s modulus-temperature relations. SMA is
able to tolerate large strains with no signs of residual deformation when it is unloaded.
Casciati et al. (1998) proposed an SMA frame damper made of three vertical steel
columns connected to each other by an SMA beam as illustrated in Figure 2.24 (a). The
two outer legs are anchored to the bridge deck while the middle leg is attached to the

vibration source. The damper shows good ductility and service life for bridge
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applications. DesRoches and Delemont (2002) presented a round SMA energy dissipation
device for bridge applications (Figure 2.24(b)). The proposed damper is installed between
the bridge deck and the pier to enhance the seismic performance of the bridge. Sepulveda
et al. (2008) proposed a bar-shaped damper using a combination of copper and SMA to
take advantage of both materials for energy dissipation. The copper-based SMA damper
performance was evaluated through the shaking table test while it was installed in a beam-
to-column connection. Zhang and Zhu (2007) proposed a reusable hysteretic damper
(RHD) composed of two sliding steel blocks with Teflon sheets laid between them. Each
block has two anchor fixtures to hold the pre-stressed SMA wires (Figure 2.24(c)). The
damper may be adjusted for several sets of SMA wires according to the required
configuration. Moreover, the proposed RHD can be reused even after earthquake events

owing to its long-term reliability.

Figure 2.24: Schematic views of: a) SMA frame damper, b) SMA bar damper and c)

RHD

Dolce et al. (2000) proposed a self-centering SMA-based energy dissipating device
made of two concentric steel pipes and several studs inserted between them. Four sets of
SMA wires are connected to the studs: two sets are re-centering wire loops and the two
other sets are dissipating wire loops as shown in Figure 2.25 (a). The re-centering SMA
wires are pre-tensioned according to the required force in order to bring the device back

to the initial position. The device performance was tested in the bracing system of a
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concrete frame, where the tension and compression forces were dissipated by SMA wires
(Dolce et al., 2005). The device enhanced the frame performance and helped the frame to
have minimal residual displacement after an earthquake event. Figure 2.25(b) shows
another type of self-centering SMA-based damper proposed by Ma et al. (Ma & Cho,
2008; Ma & Yam, 2011) that consists of five groups: i.e., internal shaft group, external
tube group, SMA wire group, springs, and roller system connection group. The internal
shaft group is composed of a shaft with two moveable shim plates at the ends and one
anchor fixed in the middle. The external tube group consists of a steel tube with two
anchors at both ends. The two pre-compressed springs are connected to the middle fixed
anchor and the shim plates, while the springs surround the pre-tensioned SMA wires. The
damper benefits from the energy dissipation capability of the spring and SMA groups. It
exhibits full re-centering capability, a high number of working cycles and excellent

damping ratio.

a)- b)
Figure 2.25: Schematic view of self-centering SMA dampers (Dolce et al., 2000; Ma &

Cho, 2008)

2.5.3.3 Application

Metallic damper configurations may be altered to achieve the design requirements of
engineers for mitigating dynamic loads in various types of structures (Vargas & Bruneau,
2007). Metallic dampers may be implemented in flexible frames, as a connecting element
between the frame and rigid tower, in structures with a stepping tower and in base-isolated
structure as illustrated in Figure 2.26 (a-d) (Kelly et al., 1972; Mazzolani, 2008; Skinner

et al., 1974; Vargas & Bruneau, 2009). ADAS dampers are recommended for use in
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moment resisting frames such as the chevron bracing system, and thereafter, a large
number of other metallic dampers are also suggested for use in the same location of
concrete or steel frame systems (Bergman, 1987; Mazzolani, 2008; Mazzolani et al.,
2009; Nuzzo et al., 2014). The conventional bracing system may not be adequate for
dynamic loadings; hence, metallic dampers have been proposed instead (e.g. diagonal and
X-type) as depicted in Figure 2.26(e-g) (Chan & Albermani, 2008; Takeda et al., 1976).
Dampers may also be used as shear walls to enhance the seismic performance of frames.
In addition, it has been recommended to install a metallic damper in the middle of a
secondary column (inner column) to increase the lateral stability of the frame system
(Figure 2.26(h)) (Z. Chen et al., 2005, 2006). Tagawa et al. (2016) suggested placing
metallic dampers in various configurations of the seesaw bracing system (Figure 2.26(i-
k)). Utilizing metallic dampers in the beam-to-column connections of moment resisting
structures is advantageous, as they provide large openings in the frame bays (Figure
2.26(1)) (Hsu & Halim, 2017; Maleki & Mahjoubi, 2013; Oh et al., 2009). Nonetheless,
metallic dampers can also be installed between decks and piers or abutment of the bridges
in the principal and transverse directions (Figure 2.26(m)) (Deng et al., 2013; Ge et al.,
2011; Maleki & Bagheri, 2010b; Yamazaki et al., 2016). The installation of dampers in

different structures is shown schematically in Figure 2.26.
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a) Separated tower + frame b) base isolated structure c) Diagonal bracing

d) Stepping tower e) Chevron (inverted V-Type) brace system
f) V-Type brace system g) X-Type brace system
h) Inner column system 1) Seesaw energy dissipation system (vertical)

Figure 2.26: Schematic locations for the installation of metallic dampers in civil

structures
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i) Seesaw energy dissipation system (top) k) Seesaw energy dissipation system (bottom)

1) Beam-to-column connection m) Bridge

Figure 2.26, Continued

2.5.3.4 Fatigue life of metallic dampers

It is widely recognized that metals subjected to a limited number of excursions (e.g.
<1000) well into the inelastic range may experience severe problems, or a phenomenon
called low-cycle fatigue. This mechanism involves the growth and interconnection of

micro-cracks, eventually leading to failure (Soong & Dargush, 1997).

Priestley et al. (1996) recommended limiting the maximum strain range during
earthquakes based on the low-cycle fatigue experimental results of typical yielding
dampers obtained by Tyler (1978a). In general, the device should be design such how to
resist several design earthquakes and one extreme earthquake. Thus, typical maximum
strain amplitude values for mild steel dampers fall in the range of 3% for design
earthquakes and 5% for the extreme earthquake. With these limits, there is a sufficiently

large number of cycles to failure, Ny, as shown in Figure 2.27.
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Figure 2.27: Metallic damper fatigue life prediction

2.5.3.5 Specific advantages and disadvantages of yielding metallic dampers
Metallic dampers are perhaps the most economic and robust seismic devices. Another
clear advantage over other solutions is that they are virtually insensitive to environmental
actions and age effects. A significant portion of energy dissipated by hysteresis loops in
these dampers will be converted into heat; however, for reasonable devices, no significant
change in the mechanical properties due to the increase in temperature is expected

(Housner et al., 1997).

On the other hand, metallic dampers have the following disadvantages: (i) the
possibility of premature fatigue failure; (i1) if not properly controlled, steels commonly
employed to fabricate MDs may have a wide range of yield strengths, thus introducing
uncertainties; (ii1) MDs may leave the structure with significant permanent offset after an
earthquake (no re-centering capability); (iv) these devices can generate high-frequency
vibrations due to the sudden change in global structure stiffness after damper yielding;
and (v) the structure’s response might be worse with yielding metallic dampers than
without for specific configurations and earthquakes. Hence, a complete nonlinear

dynamic study of several design possibilities is necessary.
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2.6 Vibration control of cable-stayed bridges

Several researchers have studied the seismic control of cable-stayed bridges in order
to reduce the destructive effects of seismic actives on the structural members. The seismic
control of cable-stayed bridges is divided into two main categories: (i) passive control

and (i1) active and semi-active control.

2.6.1 Passive control devices

The first research on the seismic control of cable-stayed bridge was conducted in the
early 90s by Ali and Abdel-Ghaffar (1995). Seismic isolators were installed between the
deck and supports. As a result, the vibration periods increased and the effective reduction
in seismic demand due to the energy dissipated by hysteresis loops was verified; however,
the seismic displacement increased. Ali and Abdel-Ghaffar (1995) also found that the

efficiency of passive devices reduced as the main span length increased.

Branco et al. (2000) investigated hysteresis damper behavior in the Vasco da Gama
cable-stayed bridge. The proposed damper was installed between the deck and tower
(Figure 2.28) in order to reduce the longitudinal and transverse displacements under

seismic loadings.
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Figure 2.28: Plan view of proposed damper for the Vasco da Gama cable-stayed bridge

(Branco et al., 2000)

Abdel-Raheem and Hayashikawa (2003) proposed an effective and economic seismic
protection by means of viscoelastic isolating devices and hysteresis loops in transverse
struts linking both sides of the H-shaped towers, thus verifying the elastic behavior of the
main structural tower parts. Wesolowsky and Wilson (2003) evaluated the base shear
reduction of isolated cable-stayed bridges for near-field ground motions. They stated that
the characteristics of near-field ground motions must be considered when designing the

base isolators.

Dyke et al. (2003) developed a benchmark control problem for the seismic response
of cable-stayed bridges. Several researchers have used this benchmark control problem
to evaluate the effectiveness of different vibrational control systems on cable-stayed
bridges (Chang & Loh, 2006; He et al., 2015; He et al., 2001; He & Agrawal, 2007;
Iemura & Pradono, 2003; Ismail & Casas, 2014; Ok et al., 2007; Park et al., 2003; Saha

& Jangid, 2009; Sharabash & Andrawes, 2009).
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Soneji and Jangid (2007b) compared the performance of HDRB, LRB and FPS in
cable-stayed bridges. Later, they attempted to enhance the performance of base isolated
cable-stayed bridges with a hybrid control system. The hybrid control system is a
combination of an isolation system with a semi-active damper (Saha & Jangid, 2009;
Soneji & Jangid, 2007a). Ismail and Casas (2014) proposed a novel isolation device (RNC
isolation system) for the seismic control of cable-stayed bridges subjected to near-fault
earthquakes. They proved that the RNC isolation system is able to protect cable-stayed

bridges against near-fault earthquakes.

Valdebenito (2009) utilized FVDs in different cable-stayed bridges and investigated
their seismic behavior under strong ground motions. Over 55% of the input energy in the
bridge models was dissipated by the FVDs. The FVDs showed good energy dissipation
capability under near-fault and far-fault ground motions and they were insensitive to the
stay cable layout. Moreover, Zhu et al. (2015) studied the effectiveness of FVDs on long-
span cable-stayed bridges under seismic loadings. As shown in Figure 2.29, the FVD was
implemented at the deck-tower connection to mitigate the longitudinal seismic demand
of the bridge. It was found that nonlinear FVDs are more effective in enhancing the

longitudinal seismic response of the bridge than linear FVDs.

Figure 2.29: FVD installation in a long-span cable-stayed bridge (Zhu et al., 2015)

67



Guan et al. (2017) used metallic dampers in the lateral seismic control of a cable-stayed
bridge with a heavyweight concrete girder in a high-risk seismic zone. They concluded
that the metallic damper is cost effective, durable and capable of reducing the lateral
seismic demand. Javanmardi et al. (2018) incorporated metallic dampers in a steel cable-
stayed bridge and concluded that the metallic dampers can effectively reduce bridge and
abutment pounding. However, the seismic global response of the bridge showed

insignificant improvement.

2.6.2 Active and semi active control devices

Early analytic and experimental studies of cable-stayed bridges with active and semi-
active control devices were done by Schemmann (1998b, 1998a). Substantial reduction
in extreme seismic forces was observed and it was recommended that the actuators should
optimally be close to the main span center. Furthermore, it was concluded that to reduce
displacements it is only necessary to control the first vibration modes. However, higher
modes also need to be controlled by the seismic device if the aim is to effectively reduce
the seismic forces. This again highlights the significance of such high frequencies in the

seismic response of cable-stayed bridges.

Park et al. (Park, Jung, et al., 2003; Park et al., 2003) proposed a hybrid control system
for the Memorial Bill Emerson Bridge (USA). The proposed system is a combination of
LRBs and active or semi-active devices to control the subsequent increase in
displacements. Li et al. (2001) studied the seismic response of cable-stayed bridges
equipped with active mass dampers (AMD). They observed drastic reductions in the
seismic demand and lateral displacement of the bridge. AMDs modify the properties of
conventional tuned mass dampers (TMD) taking into account the properties of seismic

excitation in real time.
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Iemura and Pradono (2003) stated that viscous dampers plus elastic bearings and
variable orifice viscous dampers are highly effective in controlling the seismic response
of cable-stayed bridges. Variable orifice dampers, employed in semi-active control,
present the advantage of requiring actuators only in the device itself, which shows a
pseudo-negative stiffness suited to dissipate large amounts of seismic energy. Ok et al.
(2007) adopted the fuzzy logic algorithm with the magneto-rheological damper (MRD)
to enhance the seismic performance of cable-stayed bridges. This is considered a semi-
active control system that does not require a primary controller. It was concluded that the
semi-active fuzzy control system has robust performance and improves the seismic
performance of cable-stayed bridges. The MRD implemented in Dongting Lake Cable-
Stayed Bridge to minimized the adverse effect of rain-wind-induced cable vibration

(Chen et al., 2003).

2.7 Summary

This chapter discussed the dynamic and seismic behavior of cable-stayed bridges.
Different seismic analysis methods for cable-stayed bridges were explained briefly.
Further, the seismic analysis procedure for cable-stayed bridges was also recommended.
Moreover, different structural control systems were explained with emphasis on metallic
dampers. The literature indicates that for the existing structures, the structural control
system is one of the best alternatives for minimizing the damages to the structures in
earthquake zones. Metallic dampers appear to be advantageous in terms of design,
reliability, performance, robustness and cost-effectiveness. Moreover, seismic isolators
1.e. LRB take into account the energy characters of the earthquakes that result in
minimizing the seismic demands on the superstructures. It is reported that short-to-
medium span cable-stayed bridges may experience more severe seismic damages as
compared to long-span cable-stayed bridges (Valdebenito., 2009). A brief discussion on

the implementation of various control systems in cable-stayed bridges indicated that the
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dampers are the most used control systems. The dampers are mainly used to control the
vibration of cables due to the wind and rain effects. In addition, hybrid control systems
that are combinations of passive and active devices are used in cable-stayed bridges,
which are accompanied by high initial and operational costs. Further, the seismic behavior
of the cable-stayed bridge having the seismic isolators at the deck level had been
investigated. Nonetheless, the studies of the seismic behavior of the cable-stayed bridge
were limited to the global responses. Meanwhile, the local seismic behavior of isolated
cable-stayed bridge in specific the tower responses (in substructure and superstructure)
are more crucial for the investigation. The seismic analysis and protection of existing
short-to-medium span cable-stayed bridges that were designed according to traditional
standards are indispensable. Nevertheless, there is a lack of knowledge of partial isolation
effects on the seismic behavior of the cable-stayed bridge, where the full isolation of the
bridge is inconvenient and yet the bridge is vulnerable to seismic loadings. Lastly, it is
clear that passive hybrid control systems such as the combination of seismic isolators with
metallic dampers have not been considered or studied as potential alternatives in

mitigating the seismic demands on cable-stayed bridges.
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CHAPTER 3: GLOBAL SEISMIC RESPONSE OF PARTIAL AND FULL
ISOLATIONS OF THE CABLE-STAYED BRIDGE BY LEAD RUBBER
BEARINGS

3.1 Introduction

This chapter discloses the seismic response of the cable-stayed bridge having different
seismic isolation cases. The configuration of the bridge details and the previous
experimental modal analysis of the bridge are briefly described. A rigorous three-
dimensional finite element model of the bridge with all sources of geometric
nonlinearities is created. The bridge model is validated with results of the previous
experiment. Pushover analysis of the bridge in the longitudinal and transverse directions
is performed in order to get an insight on the failure mechanism of the bridge during
earthquake excitations. Thereafter, different retrofitting case are defined and seismic
isolators are designed for each case according to AASHTO (2010, 2012). The seismic
behavior of the cable-stayed bridge is analyzed based on the recommended procedure for
seismic analysis of cable-stayed bridges in Chapter 2. A comparative study between each

case is conducted through a series of time-history analysis.

3.2 Description of the cable-stayed bridge

The Shipshaw bridge constructed in 1972 (Figures 1.1) and is an asymmetric cable-
stayed bridge with two planes of cables arranged in a fan shape spanning the Saguenay
river, which is located in Canada. The bridge is made of a double leg steel tower and a
composite deck supported by two box girders. The overall length of the bridge is 183.2m
with two spans and a 4% downward slope from the East (right) to the West (left) abutment
in the longitudinal direction. The bridge site is classified as rock (Filiatrault et al., 1993a).
The tower base is hinged, which allows rotation in the longitudinal direction. The bridge

end bearings are roller supported to allow for longitudinal displacement as well as to
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withhold the uplifting of the bridge deck exhibited by the cable forces. The connection

between the tower and the deck is a rigid connection.

The deck has an 11 m wide concrete slab that is 165 mm thick with two non-structural
precast parapets on the sides. In addition, five longitudinal stringers support the deck at
equal intervals of 2.4 m. Floor beams transfer the stringer loads to the box girders and are
spaced equally at 7 m intervals in the transverse direction. The dimensions of the box
girder are 1.5 x 3 m with a web and flange thickness of 50 mm. The tower is 43 m tall
and consists of two 2.4 x 1.5 m rectangular box girders with a flange and web thickness
of 50 mm. The box girders and tower sections are stiffened with several stiffeners at
certain distances to prevent both the global and local buckling due to axial forces. Each
tower is connected by four cables to the top flange of the box girders at equal intervals.
Each cable comprises nine strands of 65.1 mm? cross-sectional area. Figure 3.1 shows the
geometric detailing of the bridge. The details of the bridge are taken from these references

(Christopoulos & Filiatrault, 2006; Martinez-Rodrigo & Filiatrault, 2015).
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Figure 3.1: Shipshaw cable-stayed bridge detailing
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33 Methodology
3.3.1 Structural modeling of the bridge

Since cable-stayed bridges are complex structures with high degree of redundancy and
have a large number of degrees of freedom (Hassan et al., 2012; Mozos & Aparicio,
2010a, 2010b), the simplification of the model leads significant reduction in number of
degrees of freedom and hence reduces the size of stiffness matrix and decreases the
analysis time consumption. The nonlinear dynamic time-history analysis of Shipshaw
cable-stayed bridge is performed using SAP2000 software (Computers and Structures
Inc., 2015). The numerical analysis is conducted on a three-dimensional full-scale model

of the bridge; as shown in Figure 3.2.

Figure 3.2: Three-dimensional finite element model of Shipshaw cable-stayed bridge

The 0.165 m thick concrete slab is modeled as a shell element. The tower and box
girders are modeled as 3D beam elements. The ultimate tensile strength and young
modulus of the steel members are 448 MPa and 200 GPa, respectively. The compressive
strength of the concrete deck is 27.5 MPa and it has an elastic modulus of 24.8 GPa. The

nonlinear behavior of the steel and concrete materials is shown in Figure 3.3. The cables

73



are modeled as a cable element with an area of 585.9 mm?. A young’s modulus of 175
GPA with a yield and ultimate strength of 1500 MPa and 1725 MPa, respectively, are
assigned to the cables. The data on cables’ tension forces are unavailable; therefore, from
the literature, the cable forces are calculated. The Unit Load Method (ULM) proposed by
Janjic et al. (2003) is used to calculate the tension force of cables. ULM takes into account
the effect of geometric nonlinearities in the cable-stayed bridges. This method determines
the required factors that have to be multiplied by the applied unit load to find the optimum
values of cable forces. The criteria to find the optimum values of cable force is to
minimize the vertical deflection of the deck at the middle of the longer span, which is
achieved through an iterative process in a spreadsheet. The calculated tensioning forces
of the cables are shown in Table 3.1 and assigned to each cable in the bridge model. The
cable element is able to model the catenary behavior of the cable under its self-weight.
The tower base is hinged, which permits the tower to rotate along its longitudinal and
transverse axes (Ux=Uy=Uz=0). At the abutments, the bridge can move freely along its

longitudinal axis and it is restrained in both the transverse and vertical directions

(Uy=Uz=0).
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Figure 3.3: Stress-strain curves of steel and concrete materials used for modeling

74



Table 3.1: Calculated cables’ tension forces the cable-stayed bridge

Cable 1 Cable 2 Cable 3 Cable 4

Tension force (kN) 5520.95 8931.65 4882.00 21150.00

The failure criteria for the box girder and tower are defined as a series of plastic hinges
with different properties for the frame elements. A 3D P-M2-M3 interaction surface is
considered for the tower section. The P-M2-M3 hinge property represents the combined
axial load and biaxial-bending moment behavior of the tower. A 2D M2-M3 interaction
surface is considered for the box girder. The M2-M3 hinge property represents the biaxial
bending moment behavior of the box girder. The moment-rotation interaction curves for
each member are calculated using section designer in SAP2000. For all the hinges, the
relevant hinge length is set to be 90% of the section depth. Since the cables are always
modeled as tension members only, the failure criterion of this element is the elongation
of the member up to rupture point, which is set to be 3.5% of the total length. Once the
hinge reaches its maximum load carrying capacity it drops to zero. The static nonlinear
analysis under the self-weight of the bridge is performed considering the material and
geometrical nonlinearity to simulate the nonlinearity behavior of the cable-stayed bridge,

which is followed up by modal analysis.

3.3.2 Experiment and validation of FEM

A full-scale field vibration test was conducted on the bridge using seven
accelerometers. The accelerometers were placed on the top flanges of the box girders. A
44-ton truck with a constant speed of 80 km/h was used as the source of excitation. The
rolling and break tests were performed to vibrate the bridge at different frequencies. The
ULTRA (Felber & Stiemer, 1992) signal processing software was used for spectral

analysis. The peak picking method was used to find the modal parameters from the

75



Fourier spectrum. More details of the experiment test may be found in the research of

Filiatrault et al. (1993a, 1993b).

In the present study, a numerical analysis is carried out and verified by experiment.
Figure 3.4 shows the four flexural mode shapes of the cable-stayed bridge from the
numerical analysis. The sum of the modal mass of the first four flexural modes is 95.3%
of the total mass of the bridge. The dominating flexural mode is the second mode with a
mass participation percentage of 64.27%. The four time periods of the bridge from the
experiment and numerical modal analysis are illustrated in Table 3.2. As the table
illustrates, the natural time periods of the cable-stayed bridge from the experiment and

numerical analysis have a reasonable correlation.

a) First flexural mode b) Second flexural mode

c¢) Third flexural mode d) Fourth flexural mode

Figure 3.4: Four flexural mode shapes of the cable-stayed bridge

Table 3.2: Natural time periods of the cable-stayed bridge (Filiatrault et al., 1993b)

Mode shape Time periods (s) Numerical effective Error (%)
Experimental Numerical = modal mass (%)

1% Flexural 1.85 2.09 2.16 12.9

2" Flexural  0.85 0.86 64.27 1.2

37 Flexural  0.57 0.57 18.28 0.0

4™ Flexural 0.38 0.42 10.59 10.5
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3.3.3  Pushover analysis of the cable-stayed bridge

In this section, pushover analysis of the bridge in longitudinal and transverse directions
is investigated. The static-nonlinear pushover analysis provides the details of elastic and
inelastic responses of the bridge and gets an insight information about the expected global
and local failure mechanisms of the bridge during earthquake excitations. The bridge is
subjected to progressively increasing displacement-control load that is proportional to the
mass distribution of the tower and the deck till global failure of the bridge occurs. The
pushover analysis is continued form static nonlinear analysis to account for the cable-sag
effect, the material nonlinearity, P-delta and large displacement. Figure 3.5 shows the
typical force (moment) — displacement (rotation) curvature and the three performance
levels defined by FEMA-273 (1997). The points A, B, C, D, and E define the force-
displacement relation of the hinge while the points IO (Immediate-Occupancy), LS (Life-
Safety) and CP (Collapse-Prevention) define the performance acceptance criteria of the

hinges.

M/My

0/6

y

Figure 3.5: Acceptance criteria of the plastic hinges defined by FEMA-273 (1997)
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3.34 Equations of motion
The equations of motion for the cable-stayed bridge under earthquake excitations is

(Chopra, 2014):

[M] i} +[ CT W} + [ K] {u}=-[M] [n] %, } (3-)

{u} = {xlnxzr"xN}T (3'2)

Where /M], [C] and [K] are the mass, damping and stiffness matrixes of the bridge,
respectively. {ii}, {u} and {u} are the bridge acceleration, velocity and displacement

vectors, respectively. The parameter /7] is the earthquake coefficient matrix. {% } is the

earthquake acceleration vector in the longitudinal and transverse directions.

After the implementation of the seismic isolator in the cable-stayed bridge, the

equations of motion under earthquake excitations is modified as follow:

[M] i+ [ CT [ K] )+ [D]{F]=-[M] [n] {%, } (3-3)

Where /D] is the location matrix for the restoring forces of seismic isolators and {F}

is the restoring force vectors of the isolators.

3.3.5 Nonlinear time-history analysis

Nonlinear structures are associated with either material or geometric nonlinearities or
both. The nonlinear analysis method should be used in structural modeling if the structure
is associated with high degrees of nonlinearities. The nonlinear analysis can be either
static or dynamic analysis. The cable-stayed bridges are highly nonlinear; therefore, the
geometric and material nonlinearities are essential in modeling and analyzing such

structures.
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Nonlinear time-history analysis is a dynamic-nonlinear analysis which can be solved
by the fast nonlinear analysis or direct integration method. In either solving method, the
source of nonlinearities such as material nonlinearity and P-delta effect should be
considered for cable-stayed bridges. After the validation of the bridge model by the
experimental results, the direct integration method is used for the nonlinear time-history

analyses of the bridge cases under different ground motions.

3.3.5.1 Ground motions critria

One of the challenges for structural engineers if the selection of the appropriate ground
motions. Each ground motion records has unique characteristics. Long-span bridges such
as cable-stayed bridges have longer fundamental periods and their seismic responses are
affected by the velocity and displacement of the ground motions (Chopra, 2014).
Eurocode 8 (2005) classified the elastic response into three zones; (i) zone 1 (T<0.4 Sec)
which is affected by acceleration, (ii) zone 2 (0.4<T<3 Sec) which is affected by velocity,
and (ii1) zone 3 (T>3 Sec) is affected by displacement (T represents the fundamental
period of the structure). Moreover, the characteristics of selected ground motion should
be consistent with site seismic hazard. The vertical component of the ground motions is
ignored in this research as the stayed cables of the cable-stayed bridges are behaving as
elastic supports and isolating the deck from seismic actions in the vertical direction

(Walther et al., 1988).

3.3.5.2 Ground motion selection

Five pairs of ground motion records are selected to take into consideration the average
of the response parameter in the assessment of the structural response. It worth to mention
that, according to Eurocode 8 Part 1 (Eurocode8, 2005), a minimum of 3 accelerograms
is required for time-history analyses. Each ground motion has two components in which

the component with the higher PGA 1is applied in the longitudinal direction, and the
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component with the lower PGA is applied in a transverse direction. One of the selected
ground motion records corresponds to the actual ground motion that damaged the bridge,
while the other four ground motion records are selected from the same seismic zone; as
shown in Table 3.3. The computed response acceleration and displacement spectra for
5% structural damping are shown in Figure 3.6. This figure helps to understand the
energy-containing frequency of each ground motion employed in the analysis. The
earthquakes are applied uniformly along all the supports, and because the structure is

founded on bedrock, the selected time-histories had been recorded on the rock or hard

soil.
Table 3.3: Ground motions characteristics
ID Earthquake Station Country Magnitude Distance PGA Directions
(Km) (9
Long. Trans.
M. HL 03- Miramichi- Hickey Lakes- Canada 5 6.5 0.397 0.186
82 1982/03 Site 3
M. HL 05- Miramichi- Hickey Lakes- Canada 3.9 6.5 0.111 0.110
82 1982/05 Site 3
M. IBII Miramichi- Indian Brook Canada 5 5.1 0.342 0.290
82 1982/03 II
NH. FFD New Franklin Falls USA 4.5 10.4 0.313 0.126
82 Hampshire- Dam
1982
S. Dicky  Saguenay-  Dicky Canada 5.9 194.7 0.092  0.063
88 1988
0.012 Longitudinal 0.008 Transverse
——— M. HL 03-82
0.007 - —— M. HL05-82
— 001
E . M. IB Il 82
:g £ 0.006 NH. FFD 82
g 0.008 g 0.005 S. Dicky 88
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3z S 0.004 ),
: 5 \
. 2 0.003
g £ 0002
Q
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N
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Figure 3.6: a) Spectral displacement and b) spectral acceleration of five earthquakes for

the cable-stayed bridge with 5% of structural damping
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Figure 3.6, Continued

3.3.6  Seismic isolation of cable-stayed bridge
3.3.6.1 Design and modelling of seismic isolators

As discussed in chapter 2, there are several passive seismic isolators available in the
market at which their characteristics are well studied. In this research, Lead-Rubber
Bearing is selected for isolation of cable-stayed bridge. The Lead-Rubber Bearing (LRB)
is invented by Robinson and Tucker (1977) in New Zealand. It has been widely
implemented in civil engineering structures such as buildings and bridges. The design
procedure of LRB devices are based on the Guide Specifications Seismic Isolation Design
(GSID) (AASHTO, 2010) and LRFD Bridge Design Specifications (LRFD) (AASHTO,
2012). It 1s assumed that the superstructure is relatively rigid in comparison with isolators
and deformation mainly occurs in isolators. The methodology flowchart has five steps as
shown in Figure 3.7. Initially, the cable-stayed bridge is analyzed statically under its self-
weight. Seismic hazard of the site to be determined using (i) acceleration coefficients (i1)
site class and site factors (ii1) seismic zone of the site. Later on, these data are used to plot
design response spectrum for the bridge. Thereafter, the obtained data will be used in

analyzing a single-degree-freedom-model of the bridge by the simplified method in both
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directions, as specified in GSID (AASHTO, 2010). The simplified method is also known
as direct displacement method which consists of several iterative processes to converge.
As shown in Figure 3.8, the designed values are used to show the bilinear hysteretic
response of LRB. For each case study conducted the bridge is analyzed for the strongest
earthquake based on International System of Units (SI base units) at which, the initial

structural displacement, d;, can be assumed as (AASHTO, 2010):

d, =0254xS,, (3-4)

Where Sp; is the designed spectral displacement. The characteristics strength, Qu
should be selected so that the isolator is stiff for non-seismic forces but yield under
earthquake forces; hence, Equation 3-5 is found to be suitable for this purpose (Buckle et

al., 2011):

0, =0.05xW (3-5)

Where W is the superstructure weight on each isolator. Also, post-yield stiffness, K4,
is the minimal lateral restoring force at the design displacement which is calculated as

(AASHTO, 2010):

K, =0.05" (3-6)

And the effective period, T,y of the bridge and viscous damping ratio, ¢ is computed

according to Equations 3-7 and 3-8, respectively (AASHTO, 2010):
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7 —om | (3-7)

o gk,
2 —
é, _ Qd (dzsol dy) : (3'8)
H(Kisol (disol + dsu/a ))

Where djs0 1s the isolator displacement, dy, is the isolator yield displacement, dsu» is the
substructure displacement and K;ss is the effective stiffness of isolator. Therefore, the total

bridge displacement is (AASHTO, 2010):

02495, T,

B (3-9)

Where B, is damping coefficient. The total displacement obtained from Equation 3-9
and the initial assumed displacement calculated from Equation 3-4 should have a close

agreement. The iterative process in the spreadsheet is used to achieve this.

The last parameter is the lateral force of isolation system which is obtained by (Buckle

etal., 2011):

(3-10)

isol

F K'sol Xd

isol — "X

*Bridge and site data determination.
Step A

eUsing Simplifed Method to analysis the bridge in longitudinal direction and get initial
Step B/ estimation for multi-modal spectral analysis.

eUsing Simplifed Method to analysis the bridge in transverse direction and get initial
Step C  estimation for multi-modal spectral analysis.

eCombined the obtained results of Steps B and C and find the design value for displacements
StepD and forces.

v eDesign the Lead-Rubber Bearings.

Figure 3.7: Design flowchart of the seismically isolated bridge
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Figure 3.8: Detailing and idealized hysteresis behavior of Lead Rubber Bearing (LRB)

The forces mobilized and biaxial interaction behavior of LRB can be obtained by
(Built, 1982):
F' y
FF=a—U,+(l-a)F ' Z,
Y (3-11)
F' v
F=a—U,+(1-a)F Z,
Y (3-12)
Where a is the ratio of post-yield stiffness to pre-yield stiffness, Y is yield
displacement, FY is the yield force, Uz and Us are bearing displacements with respect to
local axes as shown in Figure 3.9 (2 and 3 directions); while Z> and Z;3 are unit-less
hysteretic quantities which represent the direction and biaxial interaction of hysteretic

forces. Z> and Z3 can be calculated by the coupled differential equations (Park et al.,

1986):

Y(ZZJZ A{Uzj{ Zysin(U,2,)+B| 2,2y sin(U,Z,) + ﬂq .

Z, U, )| 2,2,lysin(U,2,)+ B| 22|y sin(U,Z,)+ ]

Where 4, 5, and y are dimensionless quantities. The LRB in SAP2000 software is
modeled using the nonlinear link element to produce its orthotropic behavior when a and

the yield force vary in 2 and 3 directions (the local directions).
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Figure 3.9: Schematic hysteretic property of LRB in biaxial shear deformation

(Computers and Structures Inc., 2015)

3.3.6.2 Seismic isolation retrofitting cases of cable-stayed bridge

Generally, the isolation system separates the superstructure from the substructure at
the deck level. As mentioned earlier the deck-tower connection greatly affects the
dynamic behavior of the cable-stayed bridge. At the deck-tower connection, it is possible
to implement isolators by permitting the deck to sit on the base isolators. Nonetheless, the
base isolator can be used below the tower base by separating the tower legs from the
foundation. However, the possibility of implementing base isolators at the tower base has
not been taken into consideration in practice. Accordingly, a total of five combinations of
the base isolators are found to be possible to identify the appropriate retrofitting solution
for the cable-stayed bridge. Table 3.4 illustrates the non-isolated and isolated cases of the
bridge with schematic locations of the isolation systems. As the table shows, the bridge

is partially isolated in case 1, 2 and 3, while it is fully isolated for case 4 and 5.
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Table 3.4: Different retrofitting cases with schematic locations of isolation systems

Bridge Partial / Location of
g Full . Schematic locations of LRB isolators

cases . . base isolators
isolation

Non-  Partial Original

Isolated isolation  configuration

Case 1 Parna.l At tower base
1solation
Partial At deck-tower

Case 2 . . .
1solation connection

Case 3 Par‘ua.l At abutments
isolation

Case 4 Full At tower base
isolation  and abutments

At deck-tower

Full .

Case 5 . ) connection and
isolation

abutments
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The LRBs characteristics are calculated in spreadsheets for the selected earthquakes
based on the design procedure explained. These designed values are further used in
numerical model. At each location of the bridge two LRBs are placed (Table 3.4) that
have the same properties in longitudinal and transverse directions. Table 3.5 illustrates
the LRBs characteristic strength for each locations of the bridge. It should be noted that

LRBs have same properties in each case of seismic retrofitting.

Table 3.5: LRBs’ characteristics used in numerical analysis

LRB Stiffness (kN/m) Yield strength (kN) Post yield stiffness ratio

LRB-L 212 70 0.1

LRB-P 12000 350 0.1

LRB-R 637 212 0.1
3.4 Results and discussion

3.4.1 Results of pushover analysis

The displacement at top of the tower versus the bridge base shear is used to plot the
results of the pushover analysis. Figure 3.10 shows the results of pushover analysis along
the longitudinal and transverse directions of the bridge. In the longitudinal direction, the
plastic hinge formation is observed at the tower section just below the deck when the base
shear is reached to 23858 kN and the displacement of the tower at the top is reached to
0.443 m. Thereafter, the bridge is reached to its ultimate strength, while the same plastic
hinge is failed and eventually the stiffness of the bridge is degraded. In the transverse
direction, the bridge is shown higher stiffness compared to the longitudinal direction (due
to boundary conditions). The first plastic formation is also formed at the tower section
below the deck-tower connection when the base shear is reached to 106116 kN at 4.57 m

displacement at top of the tower. As a conclusion, the damage concentration in both
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directions is at the tower section below the deck-tower connection and the global failure

of the bridge happened due to sudden failure of the tower hinges.

Longitudinal Direction Transverse Direction
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Figure 3.10: Results of pushover analysis of the bridge

3.4.2 Results of modal analysis

The natural time period and the relevant mass participation ratio of the bridge for non-
isolated and different isolated cases from modal analysis are illustrated in Table 3.6. The
natural time period of the retrofitted bridge should not exceed 1.7 times the original
natural time period as it increases the seismic displacement response of the bridge (Iemura
& Pradono, 2002). The isolation system has no significant effect on the natural time
period of the bridge in cases 1 and 2. However, in cases 3, 4, and 5 the isolation system
lengthens the natural time period by 16.75%, 18.66%, and 43.54%, respectively.
Therefore, the flexibility of the cable-stayed bridge is increased in cases 3, 4, and 5. The
mass participation ratio of the bridge in all isolated cases is incremented in the range of
82.68% t0 92.99%. As a consequence, the first mode becomes the main contributing mode

of the bridge after the implementation of isolators in all retrofitting cases; as shown in

Table 3.6.
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Table 3.6: Fundamental period of the bridge

Non- Isolated- Isolated- Isolated- Isolated- Isolated-
isolated case 1 case 2 case 3 case 4 case 5
First time period 2.09 2.11 2.09 2.44 2.48 3.00

(s)
Mass participation 2.16 92.99 89.60 82.68 89.93 92.62
ratio (%)

The 12 modes versus the natural time periods of the bridge are illustrated in Figure
3.11. The implementation of base isolators led the bridge to have higher flexibility
behavior than the original configuration. The dynamic behavior trend of the bridge is
notably changed in the retrofitting cases, as the natural time periods are increased
compared to the original bridge time period. For cases 1 and 2, the trend of the natural
time periods is almost similar with consistent flexibility until the 7" mode of the bridge.
Consequently, it can be seen that these two have similar seismic responses, in which the
isolators are utilized along the tower base and deck-tower connection. Furthermore, the
highest impact is seen in case 5 where the fundamental period is increased by 43.54%.
These dynamic changes in the bridge are favorable, which leads to a reduction in the

seismic forces transmitted from the substructure to the superstructure.

Time periods of 12 modes

—8— Non-isolated =3¢ |solated-case 1 4— |solated-case 2

={}=|solated-case 3 === |solated-case 4 ¥ |solated-case 5
3.00 X
2.70
2.40
2.10
1.80
1.50
1.20
0.90
0.60
0.30
0.00

Period (s)

Mode number

Figure 3.11: Implementation effect of base isolators on the natural time periods of the

bridge
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3.4.3 Results of time-history analysis:
3.4.3.1 Bridge displacement

Figure 3.12 shows the bridge displacements at the tower base, deck-tower connection,
left and right ends for all the cases. When the isolation system is implemented at the base
of the tower in cases 1 and 4, the displacements in the longitudinal and transverse
directions are observed. The maximum tower displacements in these cases are 7 mm and
3 mm under the NH. FFD 82 earthquake in the longitudinal and transverse directions,
respectively. The bridge displacement at the deck-tower connection is increased in the
longitudinal direction in all seismic isolation cases except case 3. Under the NH. FFD 82
earthquake, the longitudinal displacement of this point is increased by 250%. For this
point, the transverse displacement is recorded for cases 1, 2, 3, 4, and 5. The maximum
transverse displacement of the deck-tower connection is 5 mm due to the NH. FFD 82
earthquake. In the longitudinal direction, the bridge ends in the initial configuration were
free to move. After the implementation of the isolation systems, the bridge end
displacements increases in all cases except for case 3. In case 3, the isolation system is
installed at the bridge ends, while the deck-tower connection and tower base have the
same configuration as the non-isolated. The displacement of the left and right ends of the
bridge is increased up to 250% under NH. FFD 82 in cases 1, 2, 4, and 5. In the transverse
direction for non-isolated case 1 and case 2, zero displacement is observed as the bridge
is restrained in this direction. After the implementation of the isolators at the bridge ends,
transverse displacements are detected in cases 3, 4, and 5. The maximum displacement
increment for both the left and right ends of the bridge is 50% recorded under the NH.
FFD 82 and S. Dicky 88 earthquakes, respectively. The utilization of the seismic isolation
system at the tower base or deck-tower connection has increased the longitudinal
displacement of the bridge. Hence, the rigid connection of the deck and tower and the

tower support condition are the dominating factors in controlling the longitudinal seismic
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displacement of the bridge. From Figure 3.12 it can be seen that the bridge displacements

are relatively very small in both directions; up to a few millimeters even after the

implementation of the isolation system. The bridge displacements are limited to the

designed displacements obtained by the simplified analysis of the bridge in the design of

the seismic isolation.
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Figure 3.12: Maximum bridge displacement under earthquake excitations
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Figure 3.12, Continued

3.4.3.2 Base shear

One of the main aims of seismic isolation is to minimize the base shear of the bridge
under seismic excitations. The implementation of isolation systems may not always
reduce the base shear in both directions; as demonstrated in Figure 3.13. As the results of
the numerical study show, the base shear in cases 1 and 2 is reduced in the range of
65.53% to 85.04% in the longitudinal direction. However, in the transverse direction, the
base shear for cases 1 and 2 shows a significant increase. The maximum base shear
increments observed in cases 1 and 2 are 15.10% and 14.42%, respectively, which

occurred under the S. Dicky 88 earthquake. This is because, in the original configuration
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of the bridge, the tower is allowed to freely rotate in a transverse direction while the
implementation of the isolators at the tower base and tower-deck connection restrains the
transverse rotation of the tower through the stiffness of the isolators. In case 3, in the
longitudinal direction, the base shear for all the earthquakes increases significantly. The
base shear increases up to 14.9%. However, for this case, the base shear reduces up to
90% in the transverse direction. The non-isolated bridge supports at the abutments are
free to move in the longitudinal direction but are restrained in the transverse direction;
while, in case 3, the isolators restrain the longitudinal movement of the bridge but allow
limited transverse movement. This led to an increment of the base shear in the
longitudinal direction and a reduction of the base shear in the transverse direction. The
base shear in both directions is reduced significantly for cases 4 and 5. In case 4, the
maximum base shear reductions in the longitudinal and transverse directions are 81.47%
and 97.44%, respectively, which occurred under the S. Dicky 88 and M. HL 05-82
earthquakes. In case 5, the base shear reduction is 85.15% in the longitudinal direction
under the S. Dicky 88 earthquake, while the base shear is reduced by 91.7% in the
transverse direction under the M. HL 03-82 earthquake. The results prove that the
implementation of base isolators at one or two supports is insufficient to reduce the base
shear in both directions. A remarkable base shear reduction is observed in the cases in
which the isolation systems are implemented at three locations of the bridge,

simultaneously.
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Figure 3.13: Maximum base shear response of towers subjected to earthquake
excitations

3.4.3.3 Base moment

The maximum bending moments of the bridge in both directions are presented in
Figure 3.14. In the longitudinal direction, the base moment for all the cases significantly
decreases except in case 3. The maximum base moment reduction is 99.54% in case 4
under the M. HL 05-82 earthquake. In contrast, the base moment in case 3 increases by
3% and 3.61% under M. HL 05-82 and M. IB II 82 ground motions, respectively. This is
due to the change in the configuration of the bridge abutments with the base isolators.
The roller supports of the original configuration have zero longitudinal stiffness, while,

the isolated cases have stiffhess.

In the transverse direction, the isolation system in cases 1 and 2 cause a notable
increment in the base moment of the bridge. The base moment increments are in the range
of 2% to 42.6% since the original tower base is allowed to rotate freely in both directions

but the implementation of the base isolators restricts the rotation due to their stiffness.
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The maximum base moment increment occurs in case 2 where it reaches 3011.7 kN-m
under the S. Dicky 88 earthquake. Nonetheless, in cases 3, 4, and 5 the base moment
reduces remarkably. In case 3, the base moment reduces by up to 99.6%, as the original
configuration of the bridge is restricted from moving in a transverse direction at the
abutments and because the base isolators omit this restriction with movement up to the
design displacement. In case 4 the base moment is reduced to 9.7, 13.5, 12.2, 50.4 and 42
kN-m under M. HL 03-82, M. HL 05-82, M. IB II 82, NH. FFD 82 and S. Dicky 88
ground motions, respectively. Similarly, the percentage reduction in case 5 is 99.55%,
99.71%, 98.06%, 94.5% and 96.35% when the bridge is subjected to M. HL 03-82, M.

HL 05-82, M. IB 11 82, NH. FFD 82 and S. Dicky 88 earthquakes, respectively.

For cases 4 and 5, the base moment enhancement is more significant due to the
combination of the isolation system along the bridge supports and the deck-tower

connection. However, the case 4 performance is still more remarkable than case 5.
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Figure 3.14: Maximum base moment response of bridge subjected to earthquake

excitations
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3.4.3.4 Cable response

Since in the transverse direction the bridge is symmetric, the cables on one side of the
bridge are chosen for the investigation. The numbering of the cables from the left to the
right abutments is 1, 2, 3, and 4, respectively. The cable force should remain within the
nominal range and never approach zero. The cables’ forces for each case of the bridge
under the selected earthquake are illustrated in Figure 3.15. It can be seen from the figure
that the cable forces vary during vibration of the bridge; these variations are within the
range of 0.2T to 0.7T specified by Dyke et al. (2003). The implementation of seismic
isolators causes a notable reduction in the variations in the force in all the cables for all
cases except case 3. The cable force changes are varied up to 96.74% and 95.71% in the
longitudinal and transverse directions, respectively. In the longitudinal direction for case
3, the cable forces increase up to 8.5%, 5.6%, 33.1% and 8.9% for cables 1, 2, 3, and 4,
respectively. However, in the transverse direction, the cable forces in case 3 are
considerably reduced. Furthermore, the tension forces in cables 3 and 4 are larger
compared to cables 1 and 2 under earthquake excitations, because they are connected to

the box girder at closer distances to the tower.
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Figure 3.15: Maximum cable tension forces of the bridge under earthquake excitations
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3.4.3.5 Hysteresis response of bridge

In this section, the hysteresis behavior of the bridge for different cases is investigated.
The S. Dicky 88 earthquake is the actual event that caused the failures in the bridge;
therefore, to avoid too many hysteresis graphs, only the hysteric curves of the bridge
under the S. Dicky 88 earthquake are presented in both directions. Figure 3.16 represents
the hysteresis curves of the base shear of the tower versus the displacement of the bridge
at the deck-tower connection. As the figure shows, the implementation of the isolation
system causes a significant enhancement in the bridge response in the longitudinal
direction. However, the improvement in the response of the bridge is not the same in all
cases. In the transverse direction, the bridge response increases for cases 1 and 2, which
have almost the same hysteric curves, while in other cases the bridge response improves
through implementation of the isolation system. The original configuration of the bridge
experiences a large number of yielding cycles, while the isolated bridge in cases 4 and 5

shows no inelastic cycles in either direction.

Longitudinal Response Due to S. Dicky 88 Earthquake
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Figure 3.16: Force-Displacement hysteresis curves of the bridge subjected to S. Dicky

88 earthquake
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Transverse Response Due to S. Dicky 88 Earthquake
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Figure 3.16, Continued

3.4.4  Overall seismic response

The overall seismic responses of the cable-stayed bridge are summarized and
presented in Table 3.7. However, the displacements of the bridge ends are not included
since the displacement values are very small and readable in Figure 3.12. As the table
indicates, cases 4 and 5 have similar seismic responses. These two cases are the most
favorable retrofitting cases, in which the overall seismic performance of the bridge is
enhanced substantially in both directions under all the earthquake excitations.
Subsequently, in cases 1 and 2, the longitudinal performance of the bridge is improved
while in the transverse direction no significant improvement is observed. Finally, the

seismic performance of the bridge is only improved in the transverse direction for case 3.
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Table 3.7: Summary of seismic responses of the bridge for different retrofitting cases

Earthquake Bridge Case = Base shear (kN) Base moment (kN-m) Cable 1 force (kN) Cable 2 force (kN) Cable 3 force (kN) Cable 4 force (kN)
X Y X Y X Y X Y X Y X Y

Non-isolated  525.1  544.7 13147.1 3772.5 5525.17  5521.13  8938.90 8931.89 4890.96 4882.30 21160.46 21150.34
Case 1 1153 4994 1239.7 3766.1 552149 5521.06 8932.16 8932.78 4882.86 4882.11 21151.36 21150.14
M. HL 03-82 Case 2 144.6  548.6 1325.3 3736.8 552149 5521.06 9832.15 8931.78 4882.86 4882.11 21151.37 21150.14
) ) Case 3 5423 545 11534.3 19.1 552543 5521.03 8939.30 8931.77 4891.04 4882.14 21161.11 21150.19
Case 4 1212 148 77.5 9.7 552147 5520.96 8932.41 8931.66 4882.86 4882.02 21151.32 21150.03
Case 5 143.9 452 3797.1 16.9 5521.83  5520.97 8932.90 8931.66 4883.19 4882.03 21152.20 21150.04
Non-isolated  449.2  786.55 12033.1 5388.8 5525.88 5521.12  8939.63 8931.89 4890.30 4882.40 21162.19 21150.38
Case 1 81.3 727.0  840.2 5351.2 5521.29 5521.06 8932.15 8931.77 4882.52 4882.16 21150.87 21150.21
M. HL 05-82 Case 2 154.8 7873 861.7 5427.9 5521.29 5521.06 8932.15 8931.77 4882.52 4882.17 21150.57 21150.21
) ) Case 3 503.5 882 12391.2 23.1 5521.81 5521.01 8939.59 8931.75 4891.48 4882.27 21162.04 21150.15
Case 4 86.4 20.1 54.9 13.5 5521.28 5520.96 8932.13 8931.66 4882.56 4882.03 21150.61 21150.02
Case 5 1543  71.1 2843.5 15.5 5521.51 5520.96 8932.43 8931.66 4882.91 4882.09 21151.11 21150.02
Non-isolated  162.9 4125  4786.6 2688.1 5522.76  5521.23 8934.68 8931.99 4885.63 4882.40 21154.51 21150.48
Case 1 37.0 382.0 418.5 2735.1 5521.14 5521.15 8931.93 8931.87 4882.30 4882.16 21150.48 21150.24
M. IBII 82 Case 2 43.0 407.0 4122 2848.7 5521.14 5521.15 8931.93 8931.87 4882.30 4882.17 2115048 21150.24
’ Case 3 1643  69.9 4959.5 40.5 5522.84 5521.09 8934.81 8931.86 4885.65 4882.27 21154.69 21150.34
Case 4 44.0 37.8 27.9 12.2 5521.13  5520.97 8934.92 8931.67 4882.30 4882.03 21150.46 21150.07
Case 5 42.7 42.3 1299.3 52.2 5521.25 5520.98 8932.09 8931.67 4882.42 4882.09 21150.76 21150.08
Non-isolated  544.7  508.1 21361.1 2744.1 5528.58 5521.68 8943.61 8932.69 4898.62 4883.37 21168.72 21151.78
Case 1 160.3 4549 1761.9 3124.5 5521.79 5521.31 8932.67 8932.09 4883.34 4883.45 21152.10 21151.59
NH. FFD 82 Case 2 181.5 476.9 1996.9 3231.5 5521.77 5521.32 8932.65 8932.10 4883.40 4882.46 21152.07 21150.60
: Case 3 555.8  123.0 19786.9 87.0 5528.64 5521.19 8944.21 8932.03 4897.08 4882.48 21168.85 21150.62
Case 4 169.4 83.8 107.9 50.4 5521.76  5521.00 8932.65 8931.68 4883.17 4882.08 21185.03 21150.15
Case 5 1814 68.3 6543.3 151.0 5522.40 5521.01 8933.21 8931.68 4883.63 4882.22 21153.59 21150.14
Non-isolated  615.0  347.9 15231.9 2112.4 5526.08 5521.67 8940.74 8932.62 4890.18 4883.19 21162.74 21150.73
Case | 107.0  400.5 1075.1 2591.3 5521.40 5521.43 8932.31 8932.19 4882.71 4882.47 21151.14 21150.62
S. Dicky 88 Case 2 92.0 398.1 1108.2 3011.7 552141 552142 893231 8932.18 4882.72 4882.47 21151.14 21150.61
- DICKY Case 3 706.6  103.1 13867.9 92.9 5526.52  5521.26 8940.78 8932.13 4892.88 4882.55 21163.88 21150.78
Case 4 1139  66.0 72.6 42.0 5521.37 5521.01 8932.26 8931.70 4882.68 4882.12 21151.06 21150.16
Case 5 91.3 46.0 3418.1 77.1 5521.66 5521.05 8932.67 8931.69 4882.98 4882.19 21151.77 21150.24




3.5 Conclusions
From the comparative analyses of each seismic retrofitting case the following

conclusions are drawn:

e The base isolation retrofitting prevented the damage and failure in the tower
and prevented the occurrence of damage concentration in the cable-stayed
bridge. It also reduced the transmission of seismic forces from the substructure
to the superstructure.

e The base isolation system at the tower base or the deck-tower connection
increased the flexibility of the bridge in the longitudinal direction while the
utilization of the base isolators at the end supports increased the flexibility of
the bridge in the transverse direction, and, hence, minimized the longitudinal
and transverse induced seismic forces, respectively.

e In both directions, the cable forces variation substantially reduced in almost all
the cases except case 3. The variation of the cable forces had a significant
influence on the deck stability and the reduction of the variations in the forces
in the cables, which is helpful in reducing oscillation of the deck.

e The longitudinal seismic performance of the cable-stayed bridge improved in
cases 1, 2, 4, and 5. In case 3, the seismic performance of the bridge only
improved in the transverse direction. The base isolators at the abutments
limited the longitudinal movement of the bridge, which led to an
incrementation in the base shear and the base moment. Further, only cases 4
and 5 showed significant seismic improvement in the transverse direction.

e Partial seismic isolation of the bridge only led to an improvement in the seismic
response of the cable-stayed bridge in one direction. In addition, the changes
to the supports of the cable-stayed bridge significantly influenced its seismic

behavior.
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e To maximize the benefits of the isolation system for the overall enhancement
of the seismic performance of the bridge in the longitudinal and transverse
directions, it is necessary to utilize the isolation system along the supports and

deck-tower connection of the cable-stayed bridge.
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CHAPTER 4: SEISMIC RESPONSE CHARACTERISTICS OF THE FULLY
ISOLATED CABLE-STAYED BRIDGE UNDER MODERATE TO MAJOR
EARTHQUAKES

4.1 Introduction

From the analysis of each seismic retrofitting cases of the bridge in the previous
chapter, it is observed that the seismic performance of the bridge was significantly
enhanced in both directions when the isolators were implemented at abutments and tower
base or deck-tower connection (cases 4 and 5). However, the utilization of the base
isolator at the tower’s base is impractical for this bridge since the bridge had been
constructed few decays ago. In addition, the result pushover analysis of the bridge
indicated that the bridge failure occurred at the tower near to deck, which means the
seismic demand on the bridge tower should be minimized at the deck-tower connection.
Consequently, in this chapter, the LRBs are implemented at bridge ends and deck-tower
connection. The seismic response characteristics of the non-isolated and isolated bridge
under moderate to major ground motions are thoroughly studied. The numerical model of
the fully isolated bridge is shown in Figure 4.1. The seismic isolators are designed based
on the methodology explained in the previous chapter (Section 3.3.6.1). However, the
isolators are redesigned for the selected earthquakes in this chapter and the new properties
values are assigned in the fully isolated bridge model. A comparative study on the non-

isolated and isolated bridge is performed by using the nonlinear time-history analysis.
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Figure 4.1: Finite element model of the fully isolated cable-stayed bridge

4.2 Ground motion selection

The characteristics of earthquake ground motion are highly affected on the seismic
responses of the bridge. Therefore, in this chapter, the moderate to major earthquakes are
selected for analysis, in order to evaluate the excessive seismic performance of the fully
isolated bridge. Table 4.1 shows the ground motions characteristics used in the analysis.
The acceleration and displacement response spectra for 5% structural damping of the four
ground motions are represented in Figure 4.2. The maximum ordinates of the spectral
accelerations for Sierra Madre, South Napa, Cook Strait and Cape Mendocino are 1.513,
0.618, 2.257 and 1.759g occurring at 0.18, 0.08, 0.13 and 0.07 sec, respectively along the
longitudinal direction. While, in the transverse direction, the maximum ordinates of the
spectral accelerations for Sierra Madre, South Napa, Cook Strait and Cape Mendocino
are 0.444,0.426, 1.812 and 1.367g occurring at 0.23, 0.08, 0.09 and 0.17 sec, respectively.

The ground motions are imposed uniformly at all bridge supports.
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Table 4.1: Ground motion records characteristics

Earthquake Station Magnitude Distance longitudinal Transverse
direction direction

(Km) PGA PGV PGA PGV
(g (cm/s) (g) (cm/s)

Sierra Madre-1991 Altadena, Easton 6.7 12.5 0447 272 0.179 7.8
Canyon Park
South Napa-2014 Huichica Creek 6.0 12 0.403 57.66 0.293 22.5
Cook Strait-2013 Ward Fire Station 5.9 15 1.035 33.75 0.807 21.09
Cape Mendocino-1992 Petrolia 7.0 15.5 1.497 126.1 1.039 40.5
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Figure 4.2: a) Acceleration and b) displacement spectra of ground motions in

longitudinal and transverse directions applied to the bridge considering 5% damping

4.3 Results and discussion
43.1 Deck displacement and acceleration
The deck displacement is measured at deck-tower intersection. As Figure 4.3 presents,

the maximum deck displacement of the isolated bridge is larger than the non-isolated
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bridge under all the ground motions. The maximum longitudinal displacement of the deck
is increased from 5.8 cm to 12.4 cm after implementation of the base isolation system,
hence an increment of 113.8% is observed under Cape Mendocino earthquake. Similarly,
in the transverse direction, the maximum deck displacement is enlarged from 5.9 cm to
10.2 cm under Cape Mendocino earthquake, which indicates 178.3% increase of deck
displacement in this direction. The deck displacements are increased because the isolators
changed the boundary conditions of the bridge, at which it removed the transverse
restraints of the bridge at the abutments and changed the deck-tower configuration from
a rigid connection to a moveable connection. Therefore, despite the deck displacement
incremented in the isolated bridge, these displacements were limited to the design

displacements obtained by the simplified analysis of the bridge.
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Figure 4.3: Peak response of deck displacement during earthquake excitations in

longitudinal and transverse directions

The acceleration of the deck is also recorded at deck-tower intersection. As Table 4.2
indicates, the non-isolated bridge is experienced larger deck accelerations all ground
motions as compared to the bridge with LRBs in both directions. The maximum deck

acceleration reductions are 62.26% and 35.38% in longitudinal and transverse directions,
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respectively, which, was subjected to Cook Strait ground motion. Figure 4.4 shows the
deck acceleration time-history responses of the non-isolated and isolated bridge under
Cape Mendocino ground motion. Further, the peak of deck acceleration is dropped from
17.13 m/sec? to -7.75 m/sec? in the longitudinal direction, while in the transverse direction
the peak acceleration is reduced from -18.23 m/sec? to 14.55 m/sec?. This figure clearly
shows how the isolation system has reduced the peak of deck acceleration and also

reduced oscillation of the deck acceleration in both directions, substantially.

Table 4.2: Peak absolute acceleration response of the bridge deck under different

ground accelerations

Sierra Madre South Napa Cook Strait Cape Mendocino

Non- Isolated Non- Isolated Non- Isolated Non- Isolated

Isolated Isolated Isolated Isolated
Acceleration in X  7.90 3.38 4.03 2.72 21.15 7.98 17.13 7.75

direction (m/sec?)
Acceleration in Y  2.55 2.01 3.12 2.58 8.28 5.35 18.23 14.55
direction (m/sec?)

Longitudinal Deck Acceleration Transverse Deck Acceleration
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Figure 4.4: Acceleration time-history of the deck under Cape Mendocino earthquake
excitation
43.2 Base shear
As Figure 4.5 depicts, the base isolators reduce the base shear produced by different
ground motions excitations. The maximum value of the base shear in the longitudinal
direction is 9823.2 kN due to Cape Mendocino earthquake and it is dropped to 8612.7 kN

when the isolation system was utilized in the bridge. Following this, it can be seen that
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the maximum base shear reduction in the longitudinal direction is 49.33% under Cook
Strait earthquake, while the minimum reduction of base shear in this direction is 14.05%,
which occurred under Cape Mendocino earthquake. Subsequently, the maximum peak
response of the base shear of the non-isolated bridge in the transverse direction is 9208.2
kN which is reduced to 3894 kN in the isolated bridge. Thereupon, in the transverse
direction, the maximum base shear reduction is 57.71% under Cape Mendocino
earthquake and the minimum observed reduction is 27.39% under South Napa
earthquake. It is observed that the base shear mitigation in the transverse direction is more
significant as compared to the longitudinal direction. This is due to the fact that, the
movement of the non-isolated bridge is restrained in the transverse direction, whilst, in
the isolated bridge the transverse movement is permitted up to the design displacement.
Thus, a satisfactory base shear mitigation can be expected for the cable-stayed bridges

equipped with base isolation system in seismic regions.
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Figure 4.5: Base shear peak response of the bridge during earthquake excitations in
longitudinal and transverse directions
43.3 Base Moment
The value of the base moment in the non-isolated bridge is quite large, especially in
the longitudinal direction as shown in Figure 4.6. The maximum and minimum base
moment reductions are 80.53% and 52.48% under Cook Strait and Cape Mendocino in

the longitudinal direction, respectively. Further, the maximum moment decrement in the
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transverse direction is 84% under Cape Mendocino earthquake, whereas, the minimum

reduction percentage is 42.06% under Sierra Madre earthquake.
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Figure 4.6: Maximum base moment response of the bridge under earthquake

excitations in longitudinal and transverse directions

434  Tower response

In cable-stayed bridges, the entire cable system relies on the tower, therefore, the
failure or instability of the tower may lead to failure of the entire bridge. Thus, it is
necessary to study the seismic behavior of the tower under seismic loading (L1 et al.,
2009; Nazmy & Abdel-Ghaffar, 1992; Okamoto & Nakamura, 2011; Soyluk &
Dumanoglu, 2000). In this study, owing to the symmetry of bridge in the transverse

direction, only one side of the tower is selected for comparison of the results.

4.3.4.1 Tower shear force

Figure 4.7 illustrates the shear force of the tower as a function of its height. According
to this figure, the utilization effect of the LRBs on the reduction of tower shear force is
prominent. The shear force reduction of the tower in the superstructure are up to 85.5%

and 54.9% in longitudinal and transverse directions, respectively. Subsequently, in
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longitudinal and transverse directions, up to 62.9% and 37.8% decrement of shear force
of the tower in substructure are observed. The shear force in the tower above the deck
level is reduced significantly; as the isolators dissipated seismic force transmits from the
substructure to the superstructure. This reduction ultimately increases the stability of the
superstructure in both directions, even under the strongest earthquakes. Consequently, the
shear force for the tower below the deck level also decreases as some of the forces are
dissipated through the characteristics of LRB and hence, the possibility of damage to

substructure is reduced.
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Figure 4.7: Maximum shear force response of the tower along its height under different

ground motions
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Figure 4.7, Continued

4.3.4.2 Tower bending moment

Figure 4.8 shows the bending moment distribution along the tower height. The bending
moment of the tower in substructure section is reached to its maximum value at deck level
in both directions. The tower bending moment of isolated bridges followed the same trend
of the non-isolated bridge. As shown in the figure, after the implementation of the base
isolators, this trend is significantly changed and caused a significant decrement in bending
moment of the tower in both superstructure and substructure. The maximum reduction of
bending moment in the tower is 85.4% observed in longitudinal direction whilst, the
minimum bending moment decrement is 9.3% which lied in the substructure. Thereupon,
utilization of base isolation system in the bridge results in a remarkable minimization of

tower bending moment of and base moment responses of the bridge in both directions.
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Figure 4.8: Bending moment distribution along the tower height in both directions

under different ground motions

4.3.4.3 Tower axial force

The relative tower axial force under different ground motions is shown in Figure 4.9.
As the figure indicates, the axial force of the tower in substructure is noteworthy larger
than the tower axial force in superstructure section. In the longitudinal direction, the

isolation systems reduced the axial forces of tower up to 82.2% in both substructure and
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superstructure sections. Meanwhile, in the transverse direction, the isolation systems
slightly reduced the axial force of the tower above the deck level, whereas, the axial force
in tower below the deck is increased from 48.73% to 72.22%. The reason is that the base
isolators are separated the superstructure from substructure at the deck-tower connection
(from rigid configuration to movable configuration) and removed the transverse restraints
of the bridge at abutments. Therefore, a flexible plane is produced at the deck level, which
led to an unfavorable torsional moment when earthquakes are applied in the transverse
direction. These torsional moments are transmitted from box girders to the substructure

and caused a notable increment in tower axial force in the tower section that lied in the

substructure.
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Figure 4.9: Maximum relative axial force of the tower along its height under different

ground motions in both directions

114



Sierra Madre South Napa Cook Strait Cape mendocino

a5 Transverse Transverse Transverse Transverse
M = I Non-
40 Isolated
= == = [solated
35
E 30
=
e 25
‘o
T
« 20
(]
2
2 15
10 - - - - - - -
| | | |
5 ] ! ] ]
| | | |
0 1 1 1 1
0 20 40 0 25 50 0 50 100 150 O 100 200 300
Axial Force (kN) Axial Force (kN) Axial Force (kN) Axial Force (kN)

Figure 4.9, Continued

4.3.5 Cable response

Herein, since the bridge is symmetric in the transverse direction, only half side of the
bridge cables are selected for the presentation of the results. The cables are numbered as
1, 2, 3 and 4 from the left to the right, respectively. Figure 4.10 shows the cable forces
for non-isolated and isolated bridges under earthquake excitations. The tension force in
cables 3 and 4 are higher as compared to cables 1 and 2, for the reason that, their
connected end to box girders have closer distances to the tower. From the figure, it can
also be seen that the base isolators caused a significant reduction in all cables’ force
variation in both directions subjected to different intensity earthquakes. The cables force
variation is reduced up to 81.8% and 89.6% in longitudinal and transverse directions,

respectively.
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Figure 4.10: Maximum tension forces of the cables during earthquake excitations in

longitudinal and transverse directions

43.6  Hysteresis curves of isolators

The force-displacement hysteresis curves of LRB under two components of each
earthquake are investigated. Figure 4.11 demonstrates the hysteresis behavior of a
selected LRB at the left abutment under four earthquakes. As the figure indicates, the

isolator hysteresis curves reached the maximum yield force under Cook Strait and Cape
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Mendocino earthquakes. This performance confirmed that the isolators are perfectly able
to dissipate the induced seismic forces to the superstructure. In addition to this, the

isolator dissipated the induced energy by moderate earthquakes in the linear state of its

characteristic.
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Figure 4.11: Force-Displacement hysteresis curve of the selected LRB at the left

abutment

4.3.7  Overall dynamic performance

A summarized comparison of maximum seismic responses of the cable-stayed bridge
is made in Table 4.3 The performance comparison of the original configuration (non-
isolated) and isolated cable-stayed bridge showed that the isolation system is positively
able to mitigate the unwanted response of the structure under destructive seismic loads.
In other words, the overall seismic performance of the cable-stayed bridge is remarkably
improved by utilizing the seismic isolators at the deck-tower connections and the end
supports. Additionally, the isolators are able to minimize the transmission of seismic
forces from substructure to superstructure, and hence, mitigate the damage to the

superstructure. Following this, as the bridge is an existing structure, which is located at
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high seismic zone and suffered damages due to earlier seismic excitations, the seismic
isolation system can be considered as possible alternatives solution for seismic retrofitting

strategy.
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Table 4.3: Summary of maximum seismic responses of the non-isolated and isolated cable-stayed bridge

Ground motions Sierra Madre South Napa Cook Strait Cape Mendocino
Response Direction ~ Non- Isolated Non- Isolated Non- Isolated Non- Isolated
Isolated Isolated Isolated Isolated
Displacement of X 2.7 4.9 1.2 1.6 4.8 6.3 5.8 12.4
deck (cm) Y 0.7 1.4 0.9 1.9 2.3 6.4 5.9 10.2
Acceleration of deck X 7.9 34 4.0 2.7 21.2 8.0 17.13 7.8
(m/s?) Y 2.5 2.0 3.1 2.6 8.3 53 18.22 14.6
Base shear X 5359.4 3828.3 2348.2 1626.5 9206.4 4664.5 9823.2 8612.7
(kN) Y 1308.6 932.4 1691 1227.6 4088.9 2779.9 9208.8 3894
Base moment (kN- X 116078 47804 56390 24063 326496 63537 250991 119268
m) Y 6398.9 3707 11597.3 4476.9 25483.3 7912.6 58487.3 9361
Cable force 1 (kN) X 5571.65 5537.19 5543.20 5531.30 5643.25 5543.18 5628.95 5550.16
Y 5523.70 5522.06 5524.63 5522.25 5531.44 5532.96 5545.16 5528.24
Cable force 2 (kN) X 9009.34 8954.97 8964.45 8946.70 9132.74 8969.74 9117.90 8974.30
Y 8935.33 8932.50 8935.95 8932.44 8944.30 8933.65 8962.31 8934.90
Cable force 3 (kN) X 4971.60 4908.72 4922.81 4898.40 5109.20 4929.54 5084.34 4936.26
Y 4885.74 4884.23 4886.85 4884.80 4896.45 4887.81 4915.73 4898.94
Cable force 4 (kN) X 21200.65 21166.19 21172.20 21160.30 21272.25 21175.18 21257.95 21179.16
Y 21152.70 21151.06 21153.63 21151.25 21160.44 21152.96 21174.16 21157.24




4.4 Conclusions
From the detailed analyses, the implementation consequences of the seismic isolation

systems in cable-stayed bridge led to the following conclusions:

e The isolation system was significantly capable of reducing the base shear and base
moment of the bridge under selected ground motions.

e The reduction of bending moment and shear force in the tower proved that the
isolation system is able to dissipate the seismic forces transmitted from
substructure to superstructure, hence, reduced the likelihood of damage to the
superstructure.

e The implementation of the isolation system between superstructure and
substructure increased the deck flexibility, especially in the transverse direction
and caused torsional deformation under transverse earthquake component. This
torsional moment transferred to substructure through base isolators and enlarged
the axial force of the tower in the substructure.

e The cable force variation reduced substantially and enhanced the stability of the
deck under serviceability condition.

e Even though the deck displacement of isolated bridge increased in longitudinal
and transverse directions, but it remained in the range of the design displacement
of the bridge. Meanwhile, the isolation system caused a remarkable reduction of
the deck acceleration in both directions.

e The mitigation of maximum seismic responses might occur under strongest
earthquake, as the isolations were stiff for the moderate earthquakes. Therefore,
the seismic zones are an important parameter in the design of base isolators for

cable-stayed bridges.
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CHAPTER 5: DEVELOPMENT OF A NEW YIELDING METALLIC DAMPER
5.1 Introduction

From the results of Chapters 3 and 4, it can be seen that the seismic isolators
remarkably enhanced global and local seismic responses of the cable-stayed bridge. On
the other hand, the seismic displacement of the superstructure increased after the
utilization of seismic isolators in the cable-stayed bridge. Therefore, the use of a new
metallic damper is proposed in the isolated cable-stayed bridge to control the
superstructure seismic displacement. Accordingly, a new metallic damper called the
Hexagonal Honeycomb Steel Damper (HHSD) is developed in this chapter. As the name
indicates, HHSD benefits from the advantages of hexagonal honeycomb geometry and
steel material in terms of dissipating the induced energy to civil structures in specific

cable-stayed bridges.

In general, honeycombs comprise identical groups of prismatic cells that are placed
together to form a plane. Various honeycomb materials are used broadly in different
engineering structures in the aerospace and automobile industries for instance.
Honeycombs are light in weight and can sustain excessive loads, such as buckling,
bending, and in-plane and/or out-of-plane shear loads (Gibson & Ashby, 1997). For
example, honeycombs are also used in sandwich cores and impact absorbers. The
hexagonal shape is the most common for honeycombs, but circular, square and other
geometries are deployed as well for honeycomb structures. Honeycombs under high
strains behave nonlinearly due to their geometry and cell walls’ material nonlinearity

(Gibson et al., 1982).

As discussed in Chapter 2, metal materials such as steel exhibit nonlinear behavior,
which is beneficial in energy dissipation systems. Metallic dampers dissipate energy

through their materials’ yield or inelastic deformation. Advantages of metallic dampers
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over active and semi-active dampers include stable hysteretic behavior, rate
independence, resistance to ambient temperature, reliable and the fact that their material

behavior is familiar to practice engineers.

An HHSD is made of thin steel sheets with several small hexagonal honeycomb
openings that are placed uniformly. The hexagons have regular unit cells with the same
side lengths and 120° angles. As shown in Figure 5.1, the HHSD is welded to anchor
plates at the top and bottom in order to install in the primary structures by bolts. This
feature enables replacing the failed damper after seismic events. The HHSD
characteristics are studied through quasi-static cyclic test. Furthermore, a 3-dimensional
Finite Element (FE) model of HHSD is rigorously created and validated with

experimental results. Finally, the HHSD constitutive formula is derived.

a) Detailing b) 3D view

c¢) Prototype
Figure 5.1: HSSD detailing and prototype
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A few potential HHSD locations in various structures are shown in Figure 5.2: a)
chevron bracing system, b) V-type bracing system, c¢) diagonal bracing system and d)
beam-column connection. In bridge structures, the HHSD can be implemented between
the bridge deck and pier/strut/column in order to enhance the seismic performance of
bridges. An example of a bridge equipped with HHSD is shown schematically in Figure

5.3. Chapter 2 suggested more details on HHSD implementation locations.

., Story Beam\ _ _ A . Story Beam - . _HHSI?V N [
~
/ A
HHSD— ]
R 7 Column-—
/NN “—Supporting  / /N \
Column\ \ Beam VAV

Chevron Brace

/ _——V-Type Brace \ S Story Beam—_ \_\\
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Story Beam\

Lo Lal Lol
a) HHSD in chevron brace system b) HHSD in V-Type brace system

Story Beam—._
~

R Beam
Column |, 4)/
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c) HHSD in diagonal brace system d) HHSD in beam-column connection

Figure 5.2: Schematics of HHSD implementation in various structures

Figure 5.3: Schematic of HHSD implementation in a bridge
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5.2 Theoretical approach

In this section, the behavior of the HSSD under in-plane shear force is studied through
the theoretical approach. Consider a unit cell of an HSSD as shown in Figure 5.4. A unit
cell has sides with equal lengths / (h=/), equal internal angles of 120 degrees (a), uniform
thickness (¢) and uniform out-of-plane depth (D). The regular honeycombs have in-plane
isotropic behavior and two independent elastic moduli, i.e. young’s modulus £ and shear
modulus G. Young’s modulus of the steel plate is obtained through tensile testing and the

shear modulus can be calculated with the following formula:

_E
T 2(1+9)

(5-1)

Where 9 is the steel plate’s Poisson’s ratio. When shear force P is applied parallel to

a honeycomb unit cell, it deforms in a linear-elastic manner (Figure 5.4).

a) b)

Figure 5.4: a) Detailed schematics of a honeycomb structure and b) honeycomb

deformation under shear load
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The force-displacement relationship of regular hexagonal cells is used to determine
the stiffness of each cell. The moment at the end of DB due to shear load on the vertical

cell wall is:
M = Pl Sin® (5-2)

The stress formula for a beam subjected to moment is:

M . t 12
a=—y=PlSm(Z)><—><—3
1 2 Dt

6P1Sin®
o=
Dt?

(5-3)

Therefore, when g, is the material’s yield stress, the yield force is obtained by:

2
o,Dt

Y4 = Gl sing (5-4)

For an HHSD with a number of vertical cell walls in the X direction equal to n, and

when the total length is L, the yield force is:

o,Dt?
Pye =my X 6Lysm¢ (5-5)
Where, L = [(n, + 1) X t + (n, + (n,, + 1)SinB6) X [] (5-6)
The standard formula for beam deflection is:
Mi?
0= 5 (5-7)

Where [ is the second moment of the area (/=D¢/12) and substituting Equation 5-2 in

Equation 5-6 gives:

5 = 2Psing (1)3 (5-8)

ED t
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By substituting Equation 5-4 in the above equation, the yield deflection of an HHSD

with a number of vertical cell walls in the Y direction equal to #, is:

12
X R A—
Y " 3Et

)

vt =

53 Experimental study

53.1 Coupon test

(5-9)

The tensile coupon test is essential to determine the mechanical properties of a steel

plate. Three standard samples were prepared for the uniaxial tensile test according to the

Standard Test Methods for Tension Testing of Metallic Materials (ASTM-ES, 2015). All

three samples had the same thickness and dimensions as shown Figure 5.5. The test setup

is illustrated in Figure 5.6 and consists of a 1000 kN Universal Testing Machine (IPC

UTM-1000). The samples were mounted with the help of grips and loaded in tension at a

constant strain rate until sample failure or fracture. A computer data logger connected to

the UTM recorded the stress and strain, or in other words, the applied tension load with

the relevant displacement. The specimens’ characteristics, including the Poisson’s ratio,

yield strength, modulus of elasticity and ultimate strength were obtained from the stress-

strain graph.

10.

50.0

£

12.5

100.0

821

50.0

=

200.0

Figure 5.5: Detailing of dog bone specimen based on ASTM-E8 2015 (all units are in

mm)
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Figure 5.6: The [IPC UTM-1000 used for the tensile test

5.3.2 Quasi-static cyclic test

The HHSD was tested experimentally in order to determine its performance and
characteristics. A quasi-static cyclic test based on FEMA-461 (Federal Emergency
Management Agency, 2007) was performed on the HHSD. FEMA-461 proposed the
incremental displacement loading protocol to find the capacity and seismic performance
of the structures. The loading protocol is based on the drift ratio, which is converted into
displacement based on the specimen’s height. Table 5.1 lists the loading protocol details
for each step. Thirteen incremental steps starting from 0.02% drift ratio and ending at 5%
drift ratio (maximum target displacement of 50 mm) were used as the loading protocol.
Each step had 3 constitutive cycles; therefore, the loading protocol had a total 39 cycles.
The loading protocol implemented in this research is presented in Figure 5.7. The loading

frequency for each step is calculated with:

f=1/|(%) x 60| (5-10)
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Where d is displacement (mm) and v is UTM loading speed (mm/min).

Figure 5.7: Loading protocol used for the quasi-static cyclic test on HHSD
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Table 5.1: Details of the loading protocol in the quasi-static cyclic test

Steps No. of cycle Displacement (mm) Speed rate (mm/s) Frequency (Hz)
1 3 2 -2 0.25 0.031
2 3 2.5 -2.5 0.25 0.025
3 3 3.5 -3.5 0.25 0.018
4 3 5 -5 0.25 0.013
5 3 7.5 -7.5 0.45 0.015
6 3 10 -10 0.45 0.011
7 3 14 -14 0.45 0.008
8 3 17.5 -17.5 0.45 0.006
9 3 22.5 -22.5 0.8 0.009
10 3 27.5 -27.5 0.8 0.007
11 3 35 -35 0.8 0.006
12 3 42.5 -42.5 0.8 0.005
13 3 50 -50 0.8 0.004

5.3.2.1 Test setup

An Instron Universal Testing Machine with a 1000kN load hydraulic actuator and

25mm actuator displacement capacity was used for the quasi-static cyclic test. An
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assembly was attached to the actuator head to mount the HHSD vertically. The mounting
assembly was used for full cyclic loading (push and pull). The HHSD was designed for
lateral loadings, while the actuator in the laboratory was vertical; therefore, the HHSD
was rotated by 90 degrees. The HHSD was installed on the mounting assembly with 8
bolts. The other side of the HHSD was fastened with 8 bolts to a fixed support system. A
2D schematic view and the test setup of the quasi-static cyclic experiment are shown in
Figure 5.8. The Instron WaveMatrix software was used for data acquisition from the
UTM. The thirteen steps were input as displacement control with respective speed rate

illustrated in Table 5.1.

/|

Loading Actuator
Cell Head

Loading
Direction

L

7
£
=

NI
N 1

=

Figure 5.8: HHSD experimental test setup
5.3.2.2 Parametric study
According to the HHSD geometry and the theoretical approach, it can be understood
that several different parameters affect HHSD behavior. A parametric study performed to
find the effect each parameter on HHSD performance. Different parameters including the
height, length, depth, thickness and cell size were determined possible for the parametric

study. A total of 12 HHSD samples were fabricated for the experimental test. The details
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of each specimen are presented in Table 5.2. HHSD No. 1 was selected as the benchmark
and the effects of parameter variations were compared against HHSD No. 1.

Table 5.2: HHSD details for the experimental parametric study

HHSD Height Length Depth  Thickness Cell dimensions Remarks
No. H(mm) L(mm) D(mm) T(mm) 1(mm) h (mm)

1 140.00 213.62  10.00 5.00 23.09 23.09 Benchmark

2 140.00 213.62  8.00 5.00 23.09 23.09 D changed

3 140.00 213.62 12.00 5.00 23.09 23.09 D changed

4 150.00  228.05 10.00 7.50 23.09 23.09 T changed

5 145.00 219.39  10.00 10.00 20.09  20.09 T changed

6 95.00 213.62  10.00 5.00 23.09 23.09 H changed

7 185.00 213.62  10.00 5.00 23.09 23.09 H changed

8 130.00 207.85 10.00 5.00 11.55 11.55 land h decreased

9 185.00 213.62 10.00 5.00 29.83 23.09 lincreased

10 140.00  223.72  10.00 5.00 29.83  58.09 hincreased

11 135.68  230.00 10.00 5.00 23.09 23.09 HHSD rotated by 90°

12 140.00  213.62 10.00  5.00 23.09 23.09  Combine shape of

hexagon & rhombic

Where total height is:

H=[2 Xn,xhxCos®+ (n,+1)xt] (5-11)

5.3.3 Experimental results and discussion
The results are discussed for two different tests. The results from the tensile test on the
dog bone samples are presented first, followed by the HHSD results from the quasi-static

cyclic test.

5.3.3.1 Tensile test results

The stress-strain curves for three dog bone samples that underwent the tensile coupon
test are plotted in Figure 5.9. From this figure, the yield stress, ultimate stress, Young’s
modulus and elongation of each sample are obtained. Figure 5.10 depicts the three
samples after failure. Strain is defined as the ratio of elongation (L) to the original length
(Lo), while stress is defined as the force () divided by the original area (4¢). The strain
and stress of each sample can be obtained with Equations. 5-9 and 5-10. Furthermore, the

mechanical properties of each sample and their average are summarized in Table 5.3.
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Figure 5.9: Stress-Strain curves for three samples obtained from the tensile test

Figure 5.10: Failure of dog bone samples after the coupon tensile test

Table 5.3: Coupon tensile test results

Sample Young’s modulus (GPa) Yield stress (MPa) Ultimate stress (MPa)

1 201 301.50 487.35
2 200 302.02 488.19
3 199 299.67 479.35
Mean 200 301.06 484.97
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5.3.3.2 Parametric study test results

The behavior of metallic dampers is commonly evaluated through quasi-static cyclic
testing. A force-displacement hysteresis curve represents the damper’s capacity. The
curve is used to obtain different results, such as the yield displacement (4,), yield strength
(P,), elastic stiffness (ky), ultimate displacement (4,) and ultimate strength (P.,) as
illustrated Figure 5.11. Other results that can be calculated from the curve are for
cumulative displacement (4c..m), effective stiffness (Kep), ductility (u), cumulative

displacement ductility («cum), energy dissipated (Ep) and equivalent viscous damping (<).

P

AN

u,min

Figure 5.11: Force-displacement hysteresis curve of steel material

Cumulative displacement is defined as the absolute summation of all positive and

negative cyclic displacements till maximum load, as follows:

Acum= T o(IAFH | + |AF™™ ) (5-14)

The effective stiffness can be determined with the following equation:

P, —|Py mi
Keff — |Pymax|=|Pumin] (5-15)

|Au,max| - |Au,min |

Ductility 1s defined as the ratio of ultimate displacement to yield displacement:

p=2 (5-16)

y
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The equivalent viscous damping of a metallic damper can be obtained with the

following equation (Chopra, 2014):

1 _ Ep

E=—Xx

plolen (5-17)
Where Epis the area of the force-displacement loop at ultimate load and E;is the strain

energy.

The UTM recorded the force and displacement from its embedded load cell and Linear
Variable Differential Transformer (LVDT). Figure 5.12 depicts a typical force-
displacement hysteresis curve for the HHSD (benchmark specimen) that dissipates energy
based on the steel material’s plasticity. Inelastic buckling was observed in the first 3
loading cycles for most specimens tested due to the actuator characteristics and other
uncertainties of the test setup. Therefore, the yield displacement and force could not be
obtained from the HHSD hysteresis graph. The inelastic buckling of dampers in the initial
loading cycles was also reported by Sahoo et al. (2015). All 12 specimens exhibited stable
hysteretic behavior and a gradual transition from elastic to inelastic state under cyclic
loading. A slight pinching effect was observed in the hysteresis curve for the first few
positive cycles of displacement near zero displacement. The pinching effect has also been
reported in other metallic dampers (Chan et al., 2013; Z. Chen et al., 2013; Vasdravellis
et al., 2012). After about 19 load cycles, HHSD No. 1 reached its ultimate load of 32.56
kN at 10 mm displacement, after which it started losing about 20% of its capacity in each
consecutive step. This HHSD feature helped dissipate the induced energy even after
reaching ultimate capacity. In addition, a considerable amount of energy dissipated in the
last damper cycle before strength deterioration. Strength degradation started when plastic
hinges formed at the node bonds (vertical cell walls) in the middle of the HHSD and
subsequently, the other vertical cell walls failed. The formation of plastic hinges in

vertical cell bonds caused crack initiation, followed by brittle failure of the bond cells.
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The inclined cells were still able to dissipate energy but gradually failed and caused total
HHSD failure. Figure 5.13 shows the plastic hinge locations in HHSD No. 1 after
reaching ultimate load. The experimental test results for all twelve specimens are
summarized in Table 5.4. It was difficult to identify the yield strength due to the inelastic
buckling in the hysteresis curve for the first few positive cycles. The plastic strength
increased gradually in each displacement cycle. This behavior is known as cyclic
hardening, which may occur in ductile metals as it relies on the molecular structure of the
steel material. It should be noted that no sign of welding failure was observed in any of

the specimens.

HHSD No.1 (Benchmark)

Force (kN)

-40 -30 -20 -10 0 10 20 30 40
Displacement (mm)

Figure 5.12: Typical HHSD hysteresis curves

= = S

0 0

Figure 5.13: Sequence of plastic hinge formation in HHSD No. 1
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Table 5.4: Quasi-static cyclic test result summary

Reference Aumax Pumax Aumin  Pumin  Kefr Ep Es E %
No. (mm) (kKN) (mm) (kN) (kKN/mm) (kJ) (kJ)

No.1 9.8 27.10 9.6 -38.7 552 602.1 133.33 35.95
No.2 9.9 1831 -9.7 -31.5 66.0 3319 90.36 29.24
No.3 139 3402 -13.8 -449 121.1 1103.6 23593 37.24
No.4 9.8 64.2 9.7 719 594 1007.8 31490 25.48
No.5 139 12453 -13.8 -109.6 214.0 2660.9 862.99 24.55
No.6 7.5 40.8 73 =255 764 450.0 153.00 23.42
No.7 139 2049 -13.8 -355 136.8 848.6  142.00 47.58
No.8 9.9 1143 98  -118.2 32.8 1279.0 566.93 17.96
No.9 139 189 -13.8 -25.6 672 6653 13098 40.44
No.10 9.9 28.01 -9.7 -182 49.1 235.1 138.09 13.56
No.11 9.9 31.3 9.6 -39.3  38.1 669.6 154.15 34.58
No.12 7.4 38.4 72 =389 33 431.7 141.12 24.36

(a) Effect of out-of-plane depth

The effect of HHSD depth on HHSD performance was studied by increasing the depth
from 8 to 12 mm. The HHSD out-of-plane depth (D) had a direct effect on force-
displacement hysteresis behavior. Figure 5.14 illustrates the hysteresis curves of HHSD
No. 1, 2 and 3. For these three specimens, the Bauschinger effect and kinematic hardening
were observed and the plastic strength increased gradually in each cycle with low stiffness
degradation under displacement control loading. These three samples, especially HHSD
No. 3, absorbed a notable amount of energy during the quasi-static cyclic test. As the
depth was increased, the pinching of the HHSD hysteresis curves reduced. The three
specimens thus exhibited stable hysteretic behavior. As the figure indicates, with depth
increment the HHSD’s energy absorbing capability increased. The curve trends were
quite similar, except as the depth increased, the damper strength also increased. When the
depth increased from 8 to 10 mm, the maximum load enlarged by 22.8%. As the depth
was increased two-fold in HHSD No. 3, the maximum load and displacement increased
by 42.5% and 43.75%, respectively. For the HHSDs with depths of 8 and 10 mm the

maximum drift ratio was 1%, but for 12 mm depth the drift ratio reached 1.4%.
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Figure 5.14: Effect of depth on the force-displacement hysteretic behavior of HHSDs

Figure 5.15 (a) shows the dissipated energy and equivalent viscous damping of HHSDs
with various depths. According to this figure, both HHSD energy dissipation capability
and viscous damping increased with depth increment. The cumulative energy dissipated
versus cumulative displacement in each cycle is shown in Figure 5.15 (b). At lower
cumulative displacement, all three specimens dissipated almost the same amount of
energy. However, when the cumulative displacement reached 1000 mm, the cumulative
energy dissipated increased with depth increment. The HHSD with 12 mm depth
dissipated the largest amount of energy of up to 7000 kNmm and tolerated around 7200
mm of cumulative displacement up to failure. This result indicates that HHSD No. 3 with
12 mm depth outperformed the specimens with 8 and 10 mm depths, which failed at lower
drift ratios. The plastic hinge locations and bond cell failure in specimens with different
depths are shown in Figure 5.16. The figure indicates that failure occurred in the same
locations for all three specimens. It can be concluded that the HHSD with 12 mm depth
tolerated greater deformation and had the highest damping ratio, which is useful for

dissipating large amounts of energy.
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Figure 5.15: a) Effect of depth on dissipated energy and viscous damping ratio, b)

cumulative energy dissipated by HHSDs
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Figure 5.16: HHSD failure mode related to the depth parameter

(b) Effect of thickness

In this section, HHSD cell thicknesses from 5 to 10 mm are investigated. Figure 5.17
shows the force versus displacement in specimens with three different thicknesses. The
Bauschinger effect and kinematic hardening are evident in the hysteresis curves of all
three specimens. The pinching effect was observed again around zero displacement and
the elastic regime transitioned gradually to inelastic regime. The three specimens
deformed in a stable manner under the cyclic loading test. The HHSD hysteresis loops
enlarged considerably as the thickness increased. Table 5.4 indicates that the HHSD yield

force increased from 9.1 to 14.8 and 21.4 kN as the depth augmented by 25% and 50%.
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Similarly, the ultimate HHSD strength increased by 16% and 85.8% when the thickness
changed from 5 to 7.5 and 10 mm. Apart from this, the maximum HHSD drift ratio was
0.1% when the thickness was 5 and 10 mm; once the thickness was 10 mm, the maximum
drift ratio reached 0.14%. It can be concluded that HHSD thickness had a direct effect on

the dampers’ hysteretic behavior and thicker HHSDs had larger hysteresis loops.

130 —T=10
110 —T=75 2
90 | ——T=5 /
70 >
» ; //’/’
: A/
S A =
N o = 7 A /
¥ Ak 7
S - /‘" Pt '/_/ > g Z Z
& /lm,z;gé/
30 =
-50 e i T ;ﬁ //
-70
-90
-110
-130
-15 -10 -5 0 5 10 s

Displacement (mm)

Figure 5.17: Effect of thickness on the force-displacement hysteretic behavior of

HHSDs

Figure 5.18 (a) presents the effect of HHSD thickness variation on the dissipated
energy and equivalent viscous damping behavior of HHSDs. The energy dissipation of
the HHSDs grew dramatically as depth increased. On the other hand, the equivalent
viscous damping of the dampers decreased with an increment in HHSD thickness. The
equivalent damping of 7.5 and 10 mm thick HHSD was similar. Figure 5.18 (b) shows
the total energy dissipated over the total displacement for different HHSD thicknesses. In
the elastic zone, the HHSDs dissipated energy linearly with the distance traveled. The
cumulative dissipated energy was similar in the elastic zone of all three specimens.
However, in the plastic zone, with increasing thickness the energy dissipation grew

considerably. As this figure indicates, the 10 mm thick HHSD absorbed up to 6000 kNmm

138



of energy over a total displacement of 13200 mm. Figure 5.19 shows the HHSDs with
three different thicknesses after reaching the ultimate load. All three samples underwent
the same failure mechanism. The damage concentration started at both ends of the cell
bonds and cracks initiated from there. As the drift ratio increased, the cracks propagated,
which led to cell bond brittle failure as depicted in Figure 5.19. It can be stated that
HHSD thickness had a direct effect on damper performance and the thickest HHSD was

able to absorb more energy.
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Figure 5.18: a) Effect of thickness on dissipated energy and viscous damping, b)

cumulative energy dissipated by HHSDs
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Figure 5.19: HHSD failure mode related to the thickness parameter
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(c) Effect of height

This section elaborates on the effect of HHSD height on performance. The height
variation was based on the numbers of rows in the hexagonal honeycomb. Accordingly,
95, 145 and 185 mm heights were designed for two, three and four hexagonal honeycomb
rows in the HHSD. Figure 5.20 displays the force-displacement curves for three
specimens with different heights. Similar to the results in the previous sections, pinching
of the hysteresis curves was observed near zero displacement. However, the pinching
effect reduced as the height increased. The three specimens showed stable behavior with
smooth stiffness degradation under cyclic displacement. As expected, the highest
specimen had lower yield displacement and strength, while it sustained greater
deformation due to its flexibility. Table 5.4 demonstrates that when the height was
increased from 95 to 145 and 185 mm, the yield force decreased from 17.82 to 12.33 and
8.3 kN. As the HHSD height increased, the ultimate strength decreased, while the
maximum HHSD drift ratio at failure increased. Decrements of 33.6% and 50% in the
maximum force of HHSDs were observed with respect to 52.6% and 94.7% increments
in height. On the contrary, the maximum HHSD displacement under ultimate load
increased from 7.5 to 10 and 14 mm as the HHSD height increased from 95 to 145 and

185 mm, respectively.
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Figure 5.20: Effect of height on the force-displacement hysteretic behavior of HHSDs

Figure 5.21 (a) indicates that when the HHSD height was enlarged, the dissipated
energy also increased. The dissipated energy values were 450, 602 and 848.63 kNmm
for HHSDs with heights of 95, 145 and 185 mm, respectively. Moreover, it can be seen
that the equivalent HHSD viscous damping ratio increased proportionally with
incrementing height. The equivalent HHSD viscous damping exhibited linear increments
of 53.56% and 32.35% with HHSD height increments of 52.63% and 27.6%. The
cumulative displacement versus cumulative dissipated energy in each loading cycle is
shown in Figure 5.21 (b). In the elastic zone, the shortest HHSD dissipated a higher
amount of energy and tolerated greater displacement. In terms of the plastic zone, the
tallest HHSD absorbed more energy and traveled a longer distance till failure. As a result,
the HHSD with 185 mm height traveled a distance of 5264 mm and absorbed around 5837
kNmm of energy. Like the other parameters, the HHSD failure mechanism was similar
when the HHSD height increased as shown in Figure 5.22. The HHSD cell bonds started
to yield and failed as the HHSD reached the ultimate force. As a conclusion, increasing

the HHSD height boosted the flexibility and energy absorption capability of the HHSD.
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Figure 5.21: a) Effect of height on dissipated energy and viscous damping ratio, b)

cumulative energy dissipated by HHSDs
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Figure 5.22: HHSD failure mode related to the height parameter

(d) Effect of cell dimensions

This section investigates the effect of changes in the vertical and inclined HHSD cell
walls on the performance of HHSDs. The inclined cell wall “/”” and vertical cell wall “4”
sizes in the HHSD were decreased and increased. The load-displacement graph for cell
wall variation is depicted in Figure 5.23. As the figure indicates, the HHSD with smaller
cell walls was significantly stiffer than the benchmark specimen, which failed at the same
drift ratio. HHSD No. 8 showed stable hysteretic behavior with negligible Bauschinger

and pinching effects. HHSD No. 8 with /=A=11.5 mm cell wall dimensions could
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withstand up to 115 kN at 10 mm displacement. When the inclined cell wall size was
increased to 29.83 mm and the vertical cell wall size was kept constant, the pinching
effect reduced notably. However, the Bauschinger effect was still observed in the
hysteresis curves. For HHSD No. 9, the maximum load reached 19 kN and it sustained
up to 14 mm deformation. It should be noted that because the height of this specimen was
increased to 185 mm, greater deformation occurred. On the other hand, the hysteresis
loops and ultimate force of this specimen were smaller than HHSD No. 7 with the same
height. As the length of the vertical cell walls was increased to 58.09 mm the HHSD
load-bearing capacity decreased slightly, but it failed at the same drift ratio of 0.1%. The

pinching effect in the hysteresis curves reduced significantly for HHSD No. 10.
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Figure 5.23: Effect of cell size on the force-displacement hysteresis behavior of

HHSDs

Figure 5.24 (a) illustrates that when both cell wall dimensions were increased 2 times
the dissipated energy decreased almost 2 times as well. Furthermore, as the length of the
inclined walls was increased from 23.09 to 29.89 mm, the dissipated energy increased
slightly from 602.1 to 665.32 kNmm. Finally, for the specimen with longer vertical cell

walls, the dissipated energy dropped to 235.12 kNmm. The equivalent viscous damping
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increased 100% when the cell walls were enlarged from 11.5 to 23.09 mm. For HHSD
No. 9, a 12.5% increment in equivalent viscous damping was observed compared to the
benchmark specimen. A 62.3% drop in equivalent viscous damping was observed as the
vertical wall dimensions increased from 23.09 to 58.09 mm. Figure 5.24 (b) demonstrates
the cumulative displacement of the HHSDs with respect to cumulative displacement. The
specimen with smaller cell walls exhibited greater displacement but dissipated the same
amount of energy compared to the benchmark specimen. The specimen with longer
inclined walls dissipated quite a larger amount of energy and also exhibited larger
displacement. Although this specimen (HHSD No. 8) had the same height as HHSD No.
7, its cumulative dissipated energy and displacement were lesser. Finally, the specimen
with longer vertical cell walls was traveled less than the benchmark specimen and yet
dissipated the same amount of energy. Figure 5.25 shows the four specimens after
reaching ultimate loading. Similar to the previous specimens with different parameters,
plastic hinge formation was observed at both ends of the vertical cell walls, which

eventually led to crack initiation and failure of the vertical cell walls and the HHSDs.
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Figure 5.24: a) Effect of cell size on dissipated energy and viscous damping ratio, b)

cumulative energy dissipated by HHSDs
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1, h=11.5 1. h=23.09

Figure 5.25: HHSD failure mode related to the cell size parameter

(e} Effect of other parameters

This section explains two other possible HHSD alterations. A comparison force-
displacement diagram for HHSD No. 11 and 12 and the benchmark specimen is
demonstrated in Figure 5.26. HHSD No. 11 had the same thickness, depth and cell size
as the benchmark specimen, but its cells were rotated 90 degrees about the X-axis. This
alteration helped find a configuration with better energy dissipation capability. According
to this figure, HHSD No. 11 had a hysteresis curve similar to the benchmark specimen
that showed the pinching effect in the first few cycles. However, the Bauschinger effect
was slightly less severe for this specimen. HHSD No. 11 failed at 0.1% drift ratio and
31.27 kN maximum load. As explained before, HHSD No. 1 to 10 had a similar failure
mechanism. All these specimens failed due to vertical cell wall failure. Therefore, based

on the failure mechanism of other specimens, a combination of hexagonal and rhombic
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geometries was used for HHSD No. 12. This geometric combination made this specimen
stiffer than the benchmark specimen. However, the maximum displacement at failure was
only 7.5 mm. The hysteresis curve for this specimen was stable with less pinching and

Bauschinger effects.
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Figure 5.26: Force-displacement hysteresis behavior of HHSD No.1, 11 and 12

When the cells were rotated 90 degrees, the dissipated energy slightly increased from
602.1 kNmm to 669.6 kNmm while the equivalent viscous damping ratio of the HHSD
was reduced by 4% (Figure 5.27 (a)). The specimen with combined geometry dissipated
28.3% less energy compared to the benchmark specimen. Moreover, its equivalent
damping ratio was 1.5 times smaller than the benchmark specimen. As seen in Figure
5.27 (b), the benchmark specimen traveled a longer distance and dissipated a higher
amount of energy than HHSD No. 11 in the elastic zone. Overall, the cumulative
displacement of HHSD No. 11 was slightly higher than the benchmark specimen. The
specimen with combined geometry traveled a shorter distance and dissipated less
cumulative energy compared to HHSD No. 1. The failure mechanisms of these three
specimens are compared in Figure 5.28. It can be seen that the vertical cell walls failed in

these specimens as well. However, in HHSD No. 11 the vertical cell walls near the
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support plates failed rather the middle ones. In HHSD No. 12 the vertical cell walls at the
center failed under cyclic loading. It can thus be concluded that the HHSD performance
on both axes was similar. However, the hexagonal-rhombic combination increased the
stiffness but tolerated comparatively less displacement and was less efficient in absorbing

energy under cyclic loading.
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Figure 5.27: a) Dissipated energy and viscous damping ratio, b) cumulative energy
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Figure 5.28: Failed specimens at maximum load: a) HHSD No. 1, b) HHSD No. 11 and

¢) HHSD No. 12
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54 Numerical analysis
5.4.1 Finite element modeling

Other HHSD behaviors were investigated through Finite Element Analysis (FEA). A
Finite Element Model (FEM) was developed and verified with the experimental results.
Abaqus (Abaqus Inc., 2014) commercial software was used to perform FEA. Based on
the theoretical approach and experiment results, only HHSDs with regular unit cells were
considered for FEA. Therefore, HHSD No. 1 to 8 with the same dimensions as illustrated
in Table 5.2 were modeled in Abaqus software. The HHSD parts were modeled as 3-
dimensional solid elements and meshed as C3D8R type elements, where C is continuum
stress/displacement, 3D is 3-dimensional, 8 is the number of nodes in the element and R
is the reduced integration procedure. For consistency of the FEA results, the mesh size
was the same for all the HHSD models. Figure 5.29 shows the HHSD model and mesh

detailing in Abaqus software.

Moving Plate
e

Fix Plate — "
a) b)

Figure 5.29: a) FE model and b) HHSD mesh detailing in Abaqus software

The material properties were defined in the property module of Abaqus software.
Different properties can be defined for different materials based on analysis type and
required results. This enables the user to accurately simulate realistic material behavior.
The steel material mechanical properties are tabulated in Table 5.5. The kinematic-

isotropic hardening of true stress-strain data based on the coupon test results were adopted
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for steel material. A ductile damage model is used for ductile materials like steel and is

defined by the relationship between fracture strain and stress triaxiality as follows:
n="2=2 (5-18)

[

Where o, is the mean stress and & is the equivalent stress, which are:

Om = %(01 + 0, +03) (5-19)

o= \/% [(01 — 02)% + (01 — 03)% + (0, — 03)? (5-20)

The ductile damage parameters were determined from the coupon test results. The use
of damage evolution reduced the mesh dependency in Abaqus. Displacement-based
damage evolution is used for steel materials. The damage parameter is zero and starts to
increase with strain increment. Once the damage parameter of an element reaches one, it
is considered totally damaged and the element will be eliminated from the model. The

FEA thus continues without the damaged elements.

Table 5.5: Material properties used in FE modeling

Parameter Value
Mass density (kg/m?) 7800
Young’s modules (MPa) 200
Poisson ratio 0.3

In the experiment, one HHSD anchorage plate was fixed and another anchorage plate
was subjected to cyclic loading. Similarly, in the FE model, the bottom plate was fixed
while the top plate was subjected to cyclic displacement in the Ul direction. The same
loading protocol as in the experiment test was used in FE modeling (Figure 5.7 (b)).
Figure 5.29 (a) shows the boundary condition and loading position employed in FE

modeling.
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54.2 FEA results

According to the experimental results, the maximum positive and negative ultimate
strength values of the HHSD specimens were different. This may be due to uncertainties,
such as bolt slippage and actuator head rotation during pull loading. To verify the
numerical model with the experimental results, the maximum positive and negative force
differences were adjusted for the experimental results. Figure 5.30 shows superimposed
force-displacement hysteresis curves from the experiment and FEA. It is clear in this
figure that there is a good agreement between the FEA and experimental hysteresis
curves. The ultimate positive and negative force values of the 8 specimens in FEA also
reached the same drift ratio as the experiment. The key results for yield displacement (4,),
yield force (P,), elastic stiffness (K4), maximum and minimum ultimate displacement
(4.4), maximum and minimum ultimate force (P.), plastic stiffness (K}), ductility («) and
damping ratio () from the FEA hysteresis curves are summarized in Table 5.6. It is noted
that all HHSD models yielded at low displacement. The HHSD yield displacement was
constant with depth (D) changes. The yield displacement of the damper decreased with
increments in thickness (7). On the other hand, the yield displacement increased with
increments in height and cell wall dimensions. The elastic stiffness of the dampers
increased with incrementing depth and thickness, while with increasing height and cell
wall dimensions the elastic stiffness decreased. When the HHSD depth, thickness and cell
wall dimensions increased, the plastic stiffness also increased. On the contrary, the elastic
stiffness decreased as the HHSD height increased. The HHSD ductility ranged from 8 to
28. The specimen with smaller cell walls (HHSD No. 8) had higher ductility. However,

the ductility increased significantly with increasing thickness.
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Table 5.6: FEA result summary

HHSD Ay Py Kd Au,max Pu,max Au,min Pu,min Kp n Ed Es §%
No. kJ) (kJ)
No.l 1.19 19.62 16.5 997 30.7 -9.80 -31.2 3.1 84 705.6 153.1 36.7
No.2 1.19 1557 13.1 994 246 -9.61 -245 25 84 5687 122.1 37.1
No.3 1.19 23.71 20.0 13.92 37.9 -13.99 -38.5 3.2 11.7 1208.6 263.9 36.5
No.4 1.00 48.60 48.6 9.60 71.0 -930 -72.7 74 9.6 1596.1 340.9 37.3
No.5 0.50 69.70 139.4 13.99 116.5 -13.79 -115.0 83 28.0 4668.1 814.9 45.6
No.6 0.63 18.52 29.6 7.11 343 -7.28 -340 4.8 114 560.8 121.9 36.6
No.7 1.75 19.25 11.0 13.93 293 -13.66 -29.2 2.1 8.0 9334 203.9 36.5
No.8 0.63 70.89 1134993 1164 -9.72 -114.8 11.7 15.9 2766.3 577.9 38.1
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Figure 5.30: Experimental and FEA result comparison
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Figure 5.30, Continued
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Figure 5.30, Continued

Figure 5.31 illustrates the relationship between the equivalent damping and normalized
stiffness. This figure and Table 5.6 indicate that the HHSD damping ratio ranged from
36.5% to 45.6%. Once again, the thicker specimen had the highest damping ratio. It can

be concluded that although all parameters directly influenced ductility and damping ratio,

the governing parameter was HHSD thickness.
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Figure 5.31: Equivalent damping ratio vs normalized stiffness for the HHSD models

The failure mechanism identified with FEA was similar to the experimental results.
The stress concentration started at the ends of the vertical walls under cyclic load. Once
the specimen reached ultimate strength, the vertical walls failed at the ends as shown in

Figure 5.32.

0® 00 o oo

O O

Figure 5.32: Comparison of the failure mechanism in HHSD No. 1 according to FEA

and the experiment

The accuracy of the theoretical approach was further checked by comparing the yield
displacement and yield force computed by Equations. 5-8 and 5-5 with the FEA results.
Table 5.7 provides a comparison of the yield displacement and force obtained with these
equations and FEA. The ratio of theoretical to FEA yield displacement was close to unity
for most specimens. The theoretical yield force was slightly overestimated compared to

FEA. It was also found that the theoretical elastic stiffness was slightly underestimated.
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Table 5.7: Comparison of theoretical values with FEA results (units: mm, kN)

Specimen Ayt Ayrea Ratio Pyt Pyrea Ratio Kat Karea Ratio

No. Ay,t/Ay,FEA Py.¢/Py,FEA Ka,¢/Kd,rEA
HHSD No.1 1.11 1.19 0.94 24.33 19.62 1.24 21.84 16.52 1.32
HHSD No.2 1.11 1.19 0.94 19.47 15.57 1.25 17.47 13.11 0.75
HHSD No.3 1.11 1.19 0.94 29.20 23.71 1.23 26.21 19.96 0.76
HHSD No.4 0.74 1.00 0.74 51.18 48.60 1.05 68.89 48.60 0.71
HHSD No.5 0.42 0.50 0.84 78.91 69.70 1.13 187.09 139.40 0.75
HHSD No.6 0.67 0.63 1.07 24.33 18.52 1.31 36.40 29.63 0.81
HHSD No.7 1.56 1.75 0.89 24.33 19.25 1.26 15.60 11.00 0.71
HHSD No.8 0.50 0.63 0.80 63.47 70.89 0.90 126.46 113.43 0.90

So far, the proposed HHSD exhibited good hysteretic performance under in-plane
loading. In this section, the out-of-plane behavior of the HHSD is compared with its in-
plane behavior. Figure 5.33 shows the hysteretic behavior of the benchmark specimen
subjected to in-plane and out-of-plane loading. The loading protocol was the same for
both directions. According to the figure, the HHSD was more flexible and had less
bearing capacity when subjected to out-of-plan loading. The HHSD reached 14.6 kN at
14 mm displacement, which is almost half of the in-plane loading capacity, and showed
no sign of failure. Another significant observation about the HHSD in this direction is
that the force-displacement of the HHSD was linear in the first few loading cycles (yield
started at 3 mm displacement). The HHSD was also able to dissipate energy when
subjected to out-of-plane loading, but it dissipated less energy compared to its in-plane

dissipation capacity.

155



35

= = =Lloadalong Ul
Load along U2

25

15

Force (kN)
n

Displacement (mm)

Figure 5.33: In-plane and out-of-plane hysteretic behavior of HHSDs

5.5 HHSD characteristic formula

Based on the results obtained from the experiment and FEA of the parametric study,
the key structural characteristic formula of the HHSD is developed in this section. With
the theoretical approach, the yield force and yield displacement equations for the HHSD
were derived. Consequently, the theoretical elastic stiffness can also be computed. The

ultimate HHSD force is calculated from the yield force according to the equation below:

Py = 1.6381 P, — 0.9428 (5-21)

The HHSD plastic stiffness can be computed from the elastic stiffness with the

following equation:
kp, = 0.0465 kq + 2.6364 (5-22)

Based on parameters such as elastic and plastic stiffness, the equivalent damping ratio

of the HHSD can be calculated with the following equation:

£ = 847.65 (ﬁ—z)2 27472 ({2) +58584 (5-23)
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5.6

Conclusions

Based on the experimental and FEA results of HHSD, the following conclusions can

be drawn:

The HHSD load-displacement hysteresis curves were uniform, symmetric and
stable. The HHSD exhibited low yield displacement and its ultimate strength was
1.6 times greater than its yield strength due to its shape. In addition, The HHSD
cumulative displacement was relatively high.

The HHSD tolerated large deformation and promoted a good range of ductility.
The damper was able to dissipate a large amount of energy. The equivalent
viscous damping ratio of the HHSD was in the 36%-46% range, which
demonstrates the efficiency of the HHSD in absorbing induced energy.

The HHSD failure mechanism is such how, after it reached its ultimate strength,
its stiffness gradually decrease. This feature of HHSD helps in reducing the
damages to the primary structure due to aftershock events.

All studied parameters directly influenced HHSD performance; however, HHSD
thickness was the dominant parameter. The characteristic formulas derived can
predict HHSD behavior, which is useful for damper implementation in any
commercial structural software.

It is worth mentioning that the HHSD has low initial cost, is lightweight, acts as
a fuse for primary structures and can be easily replaced after earthquake events.
The HHSD has several design parameters that facilitate adaption to different
design criteria imposed by the mechanical and geometrical requirements of new

and/or existing structures in which it is to be implemented.
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CHAPTER 6: SEISMIC RESPONSE OF THE CABLE-STAYED BRIDGE
EQUIPPED WITH HYBRID PASSIVE CONTROL SYSTEMS

6.1 Introduction

This chapter presents the seismic response of the cable-stayed bridge with hybrid
passive control systems. An investigation of all major earthquakes reveals that
earthquake-induced pounding is one of the main causes of damage or catastrophic failure
in colliding structures. Earthquake-induced pounding occurs when the separation gap
between adjutant structures is smaller than the inelastic deformation of the structures. The
prediction of uncertainties involved in the occurrence of earthquakes and aftershock
events makes the study of the earthquake-induced pounding effect on structures in
earthquake-prone areas obligatory (Ghaedi & Ibrahim, 2017). Earthquake-induced
pounding damage to structures was reported in the 1971 San Fernando earthquake (Wood
& Jennings, 1971), the 1989 Loma Prieta earthquake (Kasai & Maison, 1997), the 1999
Chi—Chi earthquake (Uzarski & Arnold, 2001) and the 2011 Christchurch earthquake
(Cole et al., 2011). Earthquake-induced pounding occurs in bridges when the seismic
displacement exceeds the gap of the adjacent spans or the bridge’s clear distance from the
abutments (Bruneau, 1998; Li et al., 2013; Li & Chouw, 2014). Pounding damage was
observed in the Chi-Lu cable-stayed bridge during the 1999 Chi-Chi earthquake
(Chadwell, 2003). Pounding between the tower and girder of the Yokohama-Bay cable-
stayed bridge was reported during the 2011 Tohoku earthquake (Siringoringo et al.,
2013). In addition, inspectors reported pounding of the Shipshaw Bridge with abutments
in the longitudinal direction due to the Saguenay earthquake in 1988. It is worth
mentioning that longitudinal vibration is the dominating mode in some of cable-stayed
bridges, which increases the likelihood of earthquake-induced pounding phenomenon on

such structures.
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Furthermore, the seismic analysis of the isolated bridge in previous chapters indicates
that the isolation system increased the longitudinal seismic displacement of the bridge. In
other words, after isolation system implementation, the longitudinal flexibility of the
bridge increased. Therefore, the likelihood of earthquake-pounding phenomenon

occurrence in the fully isolated bridge is higher than the non-isolated bridge.

To tackle this problem, the HHSD is proposed to be installed in parallel with a seismic
isolation system in the longitudinal direction of the bridge as shown in Figure 6.1. It is
worth noting that cable-stayed bridges have an inherent self-centering capability due to
the restoring forces from the cables; therefore, implementing metallic dampers without
self-centering capability has insignificant influence on their serviceability after
earthquake events. The HHSD has a good range of ductility and high energy dissipation
capability, as described in Chapter 5. At the abutments, HHSDs are installed between the
floor beam and abutments, while at the tower, HHSDs are placed between the floor beam
and lower strut of the tower. The top and bottom anchorage plates of HHSDs are installed
with bolts to the primary structure. The HHSDs are placed at a close distance from the
LRB, such that the dead load from the superstructure does not transfer to the HHSDs. In
other words, the HHSDs are placed near the supports where the vertical deflection of the
bridge is almost negligible. As shown in Figure 6.1, in the combination of these two
passive control systems (hybrid passive control) the seismic isolator mostly contributes
in reducing the seismic demand on the superstructure, while the metallic damper helps
control the excessive seismic displacement of the bridge and mitigates the earthquake-
induce pounding. To evaluate the efficiency of the proposed hybrid control system on the
seismic performance of the bridge, a comparative study is done for four cases: 1) non-
isolated bridge, 2) isolated bridge, 3) bridge with HHSDs and 4) bridge retrofitted with

hybrid devices.
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6.2 Methodology

The methodology explained in Chapter 3 was used to design the seismic isolation
system for the bridge. The thermal movement of the bridge and stiffness of the abutments
are calculated in this section to account for the pounding effect in the fully isolated bridge.
The HHSD design procedure for the isolated bridge is also proposed and explained

briefly.

6.2.1 Thermal movement of the bridge
According to article 3.12 in LRFD (AASHTO, 2012), the design thermal movement
of a bridge is dependent on the extreme temperature at the bridge site and is determined

by:

Ar = ax LTy, —Ty,) (6-1)

Where L is the span length, a is the coefficient of thermal expansion of the steel
sections, and 7Tumu and T are the average maximum and minimum designed
temperatures for the bridge site. From Equation 6-1, the minimum required thermal

movement of the bridge at the expansion joints is calculated as 0.030 m.

6.2.2  Abutment stiffness
According to Caltrans (2014), the longitudinal stiffness of the abutments can be

obtained with the following equation:

k=47000xW, xh (6-2)

abut.

Where Wapu:. 1s the width of the abutment and / is the seating height of the abutment.

6.2.3 HHSD design procedure
The HHSD constitutive formula is derived in Chapter 5. The yield displacement,
strength and ultimate strength of the dampers are functions of the HHSD material

properties and dimensions. To design the HHSD, three constrains must be considered: (i)
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the HHSD height is limited to the space between the floor beam and abutment or tower
strut, (i) the HHSD target displacement is obtained through a simplified analysis of the
base-isolated bridge and (iii) the HHSD yield strength should be larger than the LRB yield
strength, which leads to a decrease in bridge flexibility. The primary goal of the hybrid
system is to minimize the longitudinal seismic displacement of the bridge. Therefore, the
simplified or direct displacement method is used for isolated bridges to find the target
displacement (Golzan et al., 2016). The isolated bridge has a stiffness of K; and effective
damping of & and the HHSD has a stiffness of K> and effective damping of &eq2. The
HHSD provides additional stiffness and damping to the isolated bridge, which leads to a
decrease in the natural period of the bridge and hence, the base shear reduction may be
insignificant. It should be noted that the HHSD should not be too stiff at the tower section,
as it may increase the seismic demand on the tower section in the substructure. Based on
the given explanation, the procedure of designing a metallic damper for isolated bridges

is as follows:

Step 1: Set a target displacement for the isolated bridge and find the corresponding
effective stiffness and damping ratio values for the dampers from a simplified analysis of

the isolated bridge (Buckle et al., 2011).

Step 2: Set the total height (H) of the HHSD as the clear spacing between the floor
beam and abutments and tower struts. Assume a suitable value for the horizontal HHSD

length (L).

Step 3: Determine the hexagonal numbers in the horizontal and vertical directions

based on H and L.
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Step 4: Design the HHSD based on depth and thickness. Subsequently, calculate the
bridge displacement and verify it with the initial target displacement. This may be

achieved through an iterative process in a spreadsheet to find the optimum values.

The results from the previous chapter indicate that the governing factors for higher
ductility ratio are depth (D) and thickness (7). Therefore, the HHSD is designed based on
variations in these two parameters. The HHSD design flow chart for the isolated bridge

is illustrated in Figure 6.2.

Set target displacement for the isolated bridge and obtain the
damper parameters from a simplified analysis of the isolated bridge
Y
Clear floor beam spacing with abutments and tower strut
Y
Choose the total HHSD height and length
= = e e e e fm e — — —
I Calculate the number of hexagons in the horizontal and vertical I
I directions I
| Y S|
<
I Design the HHSD (based on parameters D and T) g I
=
| 2 |
T
=
I Satisfy target displacement I
— e e e e — — — ] — — — — — — — — )

Figure 6.2: HHSD design flow chart for isolated cable-stayed bridges

The HHSD dimensions are obtained based on the explained HHSD design procedure
for the fully isolated cable-stayed bridge. The details of the HHSD designed for the
isolated bridge are outlined in Table 6.1. It is assumed that two HHSDs are implemented

at each location in the bridge near the LRBs (Figure 6.1). Furthermore, the designed
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bilinear force-displacement relationship of the HHSDs at different locations of the cable-

stayed bridge is shown in Figure 6.3.

Table 6.1: Designed HHSD dimensions for the isolated cable-stayed bridge

HHSD location Height Length Depth Thickness Cell dimensions nx ny

in the bridge H(mm) L(mm) D(@mm) T (mm) 1(mm) h (mm)

At left end 285 334 12 10 23.09 23.09 7 55
At pylon 272 190 10 8 23.09 23.09 4 55
At right end 279 239 10 9 23.09 23.09 5 55
250
200
150
z ———HHSD-L
S 100 ———HHSD-P
2 ———HHSD-R
50
0

0 2 4 6 8 10 12 14 16 18 20

Displacement (mm)
Figure 6.3: Bilinear force-displacement curves of the designed HHSDs
6.24  Constitutive model
The total effective stiffness of an isolated bridge equipped with dampers is a
combination of the effective stiffness of the damper and isolator, which may be placed in
parallel or series. In this study, the isolator and damper are placed in parallel, as shown in
Figure 6.4. The combined stiffness of the metallic damper (K4) and isolator (Kis/) in a

parallel system gives the stiffness of the hybrid passive system:

Knybria = Kisor + Ka (6-3)

164



Similarly, the total equivalent damping of the hybrid system with isolators and
dampers in parallel is calculated from the following equation (Golzan et al., 2016; Jara &

Casas, 2006; Roesset et al., 1973):

Kisol Kg
Szeq(hybrld) K isol+d) flSOl K isol+d) fd ( )

Where K;,,; and K, are the stiffness of the isolator and damper, respectively, and

&iso1 and &, are the damping ratio of the isolator and damper, respectively.

k
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Figure 6.4: Mathematical model of hybrid passive control system in a single-degree-

freedom system

Consequently, the equation of motion for a cable-stayed bridge equipped with a hybrid

passive control system is modified as follows:

[M]{u}+[Cl{a}+[ K] {uw} + [D]{F]=-[M] [ 1] {X,} (6-5)

u} = {x, 25,00}

(6-6)
Where [M], [C] and [K] are the mass, damping and stiffness matrices of the bridge,
respectively; /D] is the location matrix for the restoring forces of the hybrid system; {ii},

{u} and {u} are the bridge acceleration, velocity and displacement vectors, respectively;

{F} is the restoring force vector of the hybrid system; parameter /n/ is the earthquake
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coefficient matrix and { / is the earthquake acceleration vector in the longitudinal

direction.

6.2.5 Modeling in SAP2000

The bridge model described in Chapter 3 is used in this chapter for further
investigation. In addition to the same bridge model, the link elements representing the
abutments and dampers are added to the model to investigate the effect of the passive

hybrid control system on earthquake-induced pounding.

6.2.5.1 Gap element

One of the main damage to the Shipshaw Bridge was due to earthquake-induced
pounding between the bridge ends and abutments, therefore, the gap element is used to
measure the pounding forces of the bridge with abutments. The expansion gap between
the bridge and abutments is represented by the nonlinear link element in SAP2000 as
shown in Figure 6.5. The link element property is selected as Gap, which is able to
undertake only compression force. The force-deformation relationship of the gap element

is expressed as following:

(6-7)

otherwise 0

_{ifd+open<0 k.(d + open)

Where d is the displacement, open is the initial gap opening that is set to be zero or

positive and kg is the spring stiffness.

Figure 6.5: Link element with the gap property in SAP2000
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In this study, the abutments are assumed to be rigid. Therefore, the abutments are
represented by rigid link elements of the same width as the bridge width. The abutments
are also in rock bed soil. At the end of each abutment, a gap element is connected to the
bridge. The gap opening size of 0.03 m calculated from Equation 6-1 is assigned to the
gap element; however, this is a minimum requirement for the gap opening size. In
addition, the abutment stiffness obtained from Equation 6-2 is assigned as the gap element
stiffness, which represents the abutment stiffness at the bridge ends. It should be noted

that the gap elements’ stiffness has zero contribution to the overall bridge stiffness.

6.2.5.2 Damper element

The HHSD is modelled in SAP2000 as a nonlinear link element with multilinear
plastic properties. The link element has 6 degrees-of-freedom, which are internal to the
link, including shear, axial, torsion and pure bending. Shear deformation happens within
the shear spring as shown in Figure 6.6. More details of the link element and its behavior

are available in the CSi Analysis Reference Manual (Computers and Structures Inc.,

2015).

Figure 6.6: Nonlinear link element representing the HHSD in SAP2000

The force-displacement bilinear values obtained from the HHSD design procedure in

the previous section used as input for the multi-linear force-deformation definition
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symmetrically in the positive and negative regions. The updated model of the bridge with
all elements is shown in Figure 6.7. It is worth mentioning that the HHSD has reasonable
energy dissipation capability in the transverse direction, which can also be simulated by

the nonlinear link element; however, it is neglected in the modelling.

Link Element

(HHSD) \

Gap Element

LRB Element /

\\

Figure 6.7: Finite element model of the bridge equipped with hybrid passive control

systems

6.2.6  Ground motion selection

The effectiveness of the passive hybrid system on the seismic response of the cable-
stayed bridge is investigated through nonlinear time-history analysis. The site’s seismic
hazard values are determined for 2% probability of exceedance in 50 years (on firm soil)
from the Natural Resource Canada (NBCC, 2017) and used to plot the standard design
spectrum of the bridge based on the NBCC 2017 specification. A set of 14 ground motions
with magnitude ranging from 4.5 to 6 are selected from the Pacific Earthquake
Engineering Center (PEER, 2017). Details of the selected ground motions are presented
in Table 6.2. The 1988 Saguenay earthquake recorded at US.ISFL station, which caused

damage to the bridge, is also included among the selected ground motions. The MSE
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method (computed weighted mean squared error) is used to scale the selected records to
the calculated NBCC design spectrum with 5% structural damping. The standard design
spectra of the bridge site and response spectra of the scaled ground motion records for
5% structural damping with the average scaled median are shown in Figure 6.8. In
addition, the scaled acceleration time-history of earthquake No. 1 and 5 is presented in
Figure 6.9. It should be noted that the earthquakes were only applied in the longitudinal
direction of the bridge. A total time size of 40 seconds with step size of 0.01 sec is used

for the nonlinear time-history analysis.

Table 6.2: Characteristics of ground motions selected from PEER (2017)

No. Earthquake Date Station Magnitude PGA PGV

(g) (cm/sec)

1  Saguenay 1988 US.ISFL 5.85 0.0054 0.448
2 AuSableForks 2002 Belchertown 4.99 0.0047 0.225
3 Mineral 2011 Basking Ridge_ NJ 5.74 0.0048 0.343
4 Mineral 2011 Central Park_ NY City 5.74 0.0023 0.203
5 Mineral 2011 Franklin and Marshall College_ PA 5.74 0.0262 0.592
6 Mineral 2011 Fordham University_ the Bronx_ NYC 5.74 0.0032 0.301
7 Mineral 2011 Keystone College_ La Plume_ PA 5.74 0.0020 0.139
8 Mineral 2011 Temple University_ PA 5.74 0.0101 0.798
9 Sparks 2011 Smith Ranch_ Marlow_ OK 4.73 0.0077 0.258
10 Sparks 2011 Jones High School 5.68 0.0336 0.730
11 Sparks 2011 Wilshire Boulevard; Harrah 5.68 0.0277 1.229
12 Sparks 2011 Luther Middle School 5.68 0.0270 1.594
13 Sparks 2011 GS.OK009 5.68 0.0220 0.832
14  Sparks 2011 GS.OK010 5.68 0.0421 1.405
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6.3 Results and discussion
The major findings from Chapters 3 and 4 prove that the seismic isolation system

significantly enhanced the seismic performance of the cable-stayed bridge. However, the
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bridge displacement increased due to the seismic isolation system, which can potentially
increase the chance of seismic pounding in the bridge. Javanmardi et al. (2018) showed
that metallic dampers had insignificant influence on the global seismic response of
bridges. Hence, to avoid result repetition in this chapter, the results of deck displacement,
base shear and bridge pounding response as well as the hysteretic behavior of the adopted

control system are presented.

6.3.1 Displacement and velocity

The peak response of bridge displacement at the deck-tower connection under selected
earthquakes is shown in Figure 6.10. It is clear that the displacement of the isolated bridge
is the highest among other bridge cases. As discussed in the previous chapter, the isolation
system increases the flexibility of the bridge in the longitudinal direction (by changing
the boundary condition and also removing the rigid connection between the deck and
towers), causing a significant increment in bridge displacement. The isolated bridge
displacement enlarged up to 200% compared with the non-isolated bridge. On the other
hand, the displacement of the bridge equipped with HHSDs decreased by 7% to 52%, as
the HHSDs limited the displacement of the bridge ends due to their stiffness. The
displacement of the bridge retrofitted with the hybrid control system also increased
compared with the non-isolated and HHSD bridges. Nonetheless, the bridge displacement
in this case reduced compared with the isolated bridge. A maximum of 55% reduction in
displacement was observed in the case of the bridge equipped with the hybrid control
system compared with the isolated bridge. It should be mentioned that HHSDs were able
to reduce the displacement of the hybrid bridge, which eventually reduced the likelihood

of bridge pounding with the abutments.
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Figure 6.10: Maximum seismic displacement of the bridge at the deck-tower

connection

Figure 6.11 shows the displacement time-history response of the bridge at the deck-
tower connection due to earthquake No. 1. It is observed in this figure that the time-history
trend of displacement for each bridge case is different. The isolated bridge had higher
oscillations after reaching to its peak due to bridge pounding with the abutments. The
bridge with the hybrid control system had a pulse-type oscillation near the peak ground
acceleration of the selected earthquake. In addition, the displacement peak response of
the isolated bridge increased, while for the bridge equipped with HHSDs it reduced. On
the other hand, the non-isolated bridge and bridge retrofitted with the hybrid control
system had the same peak response of displacement. The peak of displacement response
for the non-isolated bridge and bridge with the hybrid control system was 0.03 m, which
increased to 0.04 m in the isolated bridge and decreased to 0.02 m in the bridge retrofitted

with HHSDs.
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Figure 6.11: Displacement time-history response of the bridge at the deck-tower

connection under earthquake No. 1

The velocity time-history response at top of the tower under earthquake No. 1 is shown
in Figure 6.12. The tower velocity oscillation in the isolated bridge reduced significantly.
The velocity peak of the tower decreased from 0.93 m/sec to 0.12 m/sec. The velocity
time-history trends of the tower in the original bridge configuration and the bridge
retrofitted with HHSDs were similar, except the peak velocity response reduced by 25%.
In the bridge retrofitted with the hybrid control system, the tower oscillation and
amplitude enhanced remarkably. The peak response of velocity in this case reduced by
96%, 94.2% and 66.7% compared with the non-isolated bridge, the bridge with HHSDs

and isolated bridge, respectively.
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Figure 6.12: Velocity time-history response at the top of the tower under earthquake

No. 1

6.3.2  Base shear

A comparison of the base shear in the original bridge and the bridge with different
control systems is illustrated in Figure 6.13. As the results from previous chapters
indicated, the isolation system led to a significant reduction in base shear. Subsequently,
the isolated bridge base shear reduced in the range of 58% to 86%. The base shear of the
bridge equipped with HHSDs under different earthquakes mostly improved compared
with the original bridge. However, the base shear was affected by earthquake frequency
content, as it either reduced significantly by 52.4% for earthquake No. 7, or only reduced
by 1% for earthquake No. 8. Moreover, the bridge retrofitted with the hybrid control
system exhibited maximum reduction in base shear compared with other control systems.
However, the base shear in this case was quite close to the isolated case under a few
earthquakes, as the metallic damper is part of the hybrid control system and its hysteretic

behavior is affected by earthquake characteristics. Furthermore, the hybrid control system

reduced the base shear from 79% to 93% compared to the isolated system.
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Figure 6.13: Maximum base shear of the bridge with different control systems

The base shear time-history response of the original bridge and the bridges with
different control systems under earthquake No. 1 is shown in Figure 6.14. The base shear
of the original bridge reached a peak at the same time as the peak ground acceleration.
Similarly, the base shear trend for the bridge with metallic dampers was the same as the
original bridge; however, the base shear peak response occurred at the same time but
reduced from 4424 kN to 3346 kN. The base shear oscillation over time reduced for the
isolated bridge and the base shear peak occurrence time shifted slightly right after the
peak ground acceleration occurred. Finally, the base shear of the bridge with the hybrid
system had the lowest oscillation and the peak response was 795 kN, which was the
lowest among other cases. In conclusion, the hybrid system benefits from the advantages
of the seismic isolator and HHSD in reducing the peak oscillation of base shear in the

bridge time-history response.
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Figure 6.14: Base shear time-history response of the bridge under earthquake No. 1

6.3.3 Pounding force

Figures 6.14 and 6.15 show the maximum pounding force at the left and right bridge
ends with the abutments, respectively. It can be seen in these figures that the pounding
force at the left and right ends of the bridge was not the same owing to the asymmetric
shape and 4% longitudinal slope of the bridge. Pounding in the original bridge occurred
during 7 out of 14 earthquakes. The maximum pounding forces of the non-isolated bridge
at the left and right abutments were 12596 kN and 8337 kN during earthquakes No. 5 and
8, respectively. It should be noted that the deck-tower connection of the non-isolated
bridge was rigid, which limited the longitudinal displacement of the bridge and
consequently reduced the likelihood of earthquake-induced pounding. The seismic
displacement of the bridge increased after the isolation system was implemented, which
also increased the chance of earthquake-induced pounding in the bridge. In the isolated
bridge case, the pounding force increased significantly at both abutments under most
earthquakes except No. 13. In this bridge case, the maximum pounding force at the left
and right abutments reached 27037 kN and 26190 kN, respectively, during earthquake
No. 5. The bridge retrofitted with HHSDs had the lowest pounding forces. This is due to

the fact that the dampers at the bridge ends controlled the longitudinal seismic movement

176



of the roller supports and also dissipated seismic energy through the hysteresis of the
dampers. Moreover, the rigid connection between the tower and deck also limited the
longitudinal displacement of the bridge, which eventually caused a significant reduction
in earthquake pounding in the bridge with the abutments in this case. Figures 6.14 and
6.15 indicate that for the bridge equipped with the hybrid system the pounding force was
mitigated 100% during most earthquakes. During earthquakes No. 4, 5, 8, 12 and 14, the
pounding force reduced significantly compared to the isolated bridge. It worth to mention

that the earthquake with the largest base shear also had the largest pounding force.
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Figure 6.15: Maximum pounding force on the bridge at the left abutment
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Figure 6.16: Maximum pounding force on the bridge at the right abutment
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The pounding effect can be seen clearly from the pounding time-history response of
the bridge with abutments. Figure 6.17 shows the time-history response of pounding at
the left ends of the bridge during earthquake No. 5. Pounding occurred a few times in the
non-isolated bridge, while in the isolated bridge, the pounding force and frequency
increased dramatically. In the case of the bridge retrofitted with HHSDs, pounding only
happened once with a very small magnitude. Finally, the pounding force and occurrence
reduced significantly for the bridge with the hybrid system compared to the isolated
bridge. The maximum pounding force at the left abutment was 12600 kN and occurred at
9.8 sec in the original bridge, while in the isolated bridge the maximum pounding force
of 27037 kN happened at 10.2 sec. For the bridge equipped with HHSDs, the maximum
pounding force reduced to 2720 kN at 9.9 sec. Lastly, the maximum pounding force of
11295 kN at 11.2 sec was observed for the bridge retrofitted with the hybrid control

system.

The pounding time-history response of the bridge with the right abutment is shown in
Figure 6.18. At the right side of the non-isolated bridge, pounding happened 4 times
during earthquake No. 5, while at the left side it happened 5 times under the same
earthquake. Again, this was due to the asymmetric geometry of the bridge. The maximum
pounding was 12235 kN for the non-isolated bridge and this increased to 26190 kN in the
isolated bridge at the same pounding occurrence time. Pounding only happed 2 times for
the bridge retrofitted with HHSDs at a maximum value of 1759 kN. For the bridge with
the hybrid control system, the maximum pounding force reached 11516 kN. It can be
concluded that the bridge retrofitted with HHSDs had the lowest pounding force during

earthquake No 5, which was followed by the bridge with the hybrid control system.
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Figure 6.18: Pounding time-history response of the bridge at the right abutment

subjected to earthquake No. 5

6.3.4  Hysteresis curves of energy dissipaters

Figure 6.19 displays the force-displacement curves of various control systems at the
left and right ends of the bridge during earthquake No. 1. This figure shows that the LRBs
in the isolated bridge dissipated huge amounts of energy with repeated numbers of plastic

cycles. The HHSDs also dissipated large amounts of energy in the bridge equipped with
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HHSDs. The maximum displacement of the metallic dampers was smaller in the bridge
with HHSDs than the bridge with the hybrid system. This was due to the fact that the
deck-tower connection of the bridge was rigid in this retrofitting case, which limited the
seismic displacement of the bridge. For the bridge with the hybrid control system, the
LRB plastic formations were significantly small (compared with the isolated bridge),
while the HHSDs experienced large plastic deformation and undertook most of the
seismic energy. In addition, the maximum LRB displacement in the hybrid control system
reduced compared to the LRBs in the isolated bridge. It is worth mentioning that the
HHSDs at the abutments had higher seismic dissipation capacity with higher stiffness

than the LRBs, as the HHSDs were designed to limit the bridge end displacement.

The force-displacement curves of the various control systems at the tower in different
bridge cases during earthquake No. 1 are presented in Figure 6.20. In general, the LRBs
in the tower section had higher seismic dissipation capacity than the HHSDs as shown in
this figure. It is observed that the HHSDs behaved linearly in the bridge retrofitted with
HHSDs because the tower and deck were connected rigidly with each other in this case.
As a result, the HHSD movement was very small and the energy dissipation less
significant for the HHSDs in this bridge case. In the bridge retrofitted with the hybrid
control system, the LRB hysteresis loops reduced notably and the HHSDs experienced
quite a large number of plastic formation cycles. However, in this case, the ultimate
strength of the HHSDs was lower than the ultimate strength of the LRBs. The LRB
displacement reduced remarkably due to the implementation of the HHSDs in parallel

with the LRBs in the bridge.
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Based on the numerical results of the cable-stayed bridge with different seismic control

system, the following conclusions can be drawn:
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The hybrid passive control system remarkably reduced the seismic
displacement of the cable-stayed bridge compared to the isolated bridge.

Less base shear reduction was observed for the bridge retrofitted with HHSDs,
while for the isolated bridge, a higher base shear reduction was observed. The
base shear of the bridge retrofitted with the hybrid control system reduced
further than the isolated bridge.

The seismic pounding of the bridge with abutments was either eliminated or
significantly reduced in the bridge retrofitted with the hybrid control system.
The seismic isolation system mostly contributed to reducing the global seismic
demand of the cable-stayed bridge, while the HHSDs reduced the longitudinal
seismic displacement and mitigated the likelihood of bridge pounding with the
abutments.

The energy dissipating capability of the bridge with the hybrid control system
was found to be higher than the other bridge cases.

Finally, it can be concluded that the hybrid passive system is a reliable,
efficient and inexpensive control system that reduces seismic demand and

prevents seismic damages to the primary structure.
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7.1

CHAPTER 7: CONCLUSIONS

Concluding remarks

Based on the nonlinear time-history analysis of cable-stayed bridges retrofitted with

different seismic control systems and HHSD development through quasi-static cyclic

testing, the following major conclusions can be drawn:

1.

Utilizing seismic isolators at the deck-tower connection or the tower base increased
bridge flexibility in the longitudinal direction, while utilizing seismic isolators at
the bridge end supports increased bridge flexibility in the transverse direction,
hence minimizing the seismic demand on the bridge in the longitudinal and
transverse directions, respectively. Partial seismic isolation of the cable-stayed
bridge only led to enhanced bridge seismic performance in one direction. Moreover,
to maximize the isolation system benefits for overall improvement in the seismic
response of the bridge in the longitudinal and transverse directions, it was necessary
to use an isolation system along the end supports and deck-tower connection or
tower base of the cable-stayed bridge simultaneously.

Most seismic responses, including the base shear, base moment, cable force
variations, bending moment, shear and axial forces of the tower in the fully isolated
bridge significantly enhanced, on the other hand, the seismic displacement of the
bridge increased. The isolation systems induced torsional deformation at the deck
level due to the transverse earthquake component that increased the tower axial
force in the substructure. Furthermore, the seismic zone of the bridge found to be
an important parameter in the design of seismic isolators for cable-stayed bridges.
The HHSDs demonstrated uniform and stable hysteretic behavior, a good range of
ductility and high energy dissipation capability. The HHSD constitutive formulas
were able to predict the HHSD behavior well. Furthermore, HHSDs are

inexpensive, lightweight, rate independent, resistant to ambient temperature and
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7.2

can be easily replaced after earthquake events. HHSDs are found to be suitable for
new structures or for seismic retrofitting of existing structures.

Implementing the hybrid passive control system in the cable-stayed bridge caused
a significant reduction in the seismic demand on the bridge, especially the seismic
displacement of the superstructure. The hybrid control system mitigated the
earthquake-induced pounding effect on the bridge with adjacent abutments. In
addition, the energy dissipation capability of the cable-stayed bridge with the hybrid
passive control system increased remarkably. Consequently, the combination of the
seismic isolation and metallic damper known as the hybrid passive control system
was found to be a reliable seismic retrofitting alternative to protect existing cable-

stayed bridges from earthquake excitations.

Recommendations of future works

Based on the results and conclusions obtained in each stage of this research, several

recommendations for further research are made as follows:

1.

The seismic performance of cable-stayed bridges (medium to long-span) with and
without control systems should be investigated under spatially varying ground
motions.

The HHSD consists of two parallel steel plates. Hence, a further study can be
performed to examine the behavior of HHSDs with more ductile steel material and
the number of parallel plates could be increased to three or four.

In this study, the potential locations of HHSDs in other structures were presented;
therefore, experimental and analytical studies can be carried out to investigate the

HHSD effects on the seismic performance of such structures.
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4. A shaking table test should be carried out on a structure equipped with the proposed
control system to investigate the realistic performance of the hybrid passive control
system.

5. The effectiveness of the hybrid control system in mitigating earthquake-induced

pounding in other types of bridges can be studied further.
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